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FOREWORD

It is my pleasure to represent the Structural Division of the Hong Kong Institution of
Engineers to express our sincere gratitude to the author of this handbook, who has spent
more than a year to prepare and write up this practical guide to the Code of Practice for
Structural Use of Concrete 2004,

: The Hong Kong SAR Government has recently issued several new codes of practice for
1 structural design. These codes of practice have incorporated the state-of-the-art know-
] how and many good practices developed locally and worldwide, and collectively they
represent @ major advancement in structural engineering. In many ways, these new
1 codes are quite different from the previous cnes. In order to help users of the new codes |
3 to better understand the rationale behind the various changes and adapt to the new codes, |

the Structural Division of the Hong Kong Institution of Engineers has called upon

experts in the relevant fields to prepare a series of explanatory handbooks on the new
codes of practice. This particular handbook is the second of the series on the publication
? list. The first one on wind loading was published in June 2005. After this one, which is
published herein, the third and the remaining handbooks will be published within several
months. Anyone interested in purchasing these handbooks may visit the website of the
Structural Division for details.

The author of this handbook has many years of practical experience. He specializes in
both concrete materials and concrete structures, In this handbook, he has explained very
clearly the structural concepts and rationale behind the various clauses of the code and,
where appropriate, provided typical worked examples to illustrate the new design
Z procedures. In addition, he has put in good practices for the design of high-performance
structures. On the whole, the handhook has been written in a straight forward and easy
to understand manner. Apart from serving as a practical guide, it should also be a useful
reference for undergraduate students and young engineers to learn the design of concrete
i struciures,

Lastly, I would like to congratulate the author for his fine works in writing up the
_ handbook, which [ believe would greatly benefit the industry in various perspectives,
- including quicker adaptation to the new code, avoidance of misinterpretation of the code
requirements, easier grasping of the new design procedures, promotion of good design
practices and upgrading of the design standard in Hong Kong.

Ir. Prof, K.K. Choy
: Chairman,

Structural Division,
& HKIE (2005/2006)
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PREFACE

After two years of intensive study and painstaking preparatory works, the new Code of
Practice for Structural Use of Concrete was published by Buildings Department,
Government of the Hong Kong Special Administrative Region at the end of 2004,

The new code, which is based on the limit state design philosophy and covers also high-

strength concrete, is a great advancement compared to the previous one published in

1987. Although it resembles BS8110 and Eurocode 2 in certain ways, the new code has

incorporated:

ia) good practices in other places, including Australia, China, Europe, Japan, New
Zealand, Singapore, UK and USA, which are considered relevant to Hong Kong;

(b}  recent technological developments in concrete technology and in the analysis and
design of concrete structures,

(c) local requirements as stipulated in the Practice Notes for AP and RSE issued by
Buildings Department throughout the years; and

id}  research findings of the local universitics on characteristics of local materials and
on structural use of high-strength concrete.

This explanatory handbook, written under the direction of Structural Division, Hong
Kong Institution of Engineers, is to help readers understand the background and rationale
of the various clauses in the new code. The chapter and section numbers (but not the
clause numbers because not all the clauses in the code are referred to) in this handbook
follow those of the code of practice for casy reference. Moreover, the same symbols are
used to maintain consistency.

The views and opinions expressed in this explanatory handbook are solely the personal
views and opinions of the author, and do not represent those of Structural Division, Hong
Kong Institution of Engineers. Readers should be using this explanatory handbook as a
reference only and should make appropriate engineering judgments based on their own
analysis and when necessary additional scientific investigation,

The author would like to take this opportunity to express his sincere gratitude to Ir. KK,
Choy, Ir. Paul T.C. Pang and Ir. M.L. Cheng of Buildings Department and Ir. Albert
W.K. Leung of Babtie Asia Ltd. for the background information that they have kindly
provided, and the Committee Members of Structural Division, Hong Kong Institution of
Engineers for their valuable suggestions and encouragement.

The author would also like to thank his colleague, Ir. Dr. Francis T.K. Au, for his careful
review of the draft and his rescarch students, Ms. S.L. Chau, Mr. H.C. Wong, Mr. P.L.
Ng, Mr. ¥.T. Ng and Mr. Y.K. Lam, for their assistance in the preparation of this
handbook.

Albert K.H. Kwan
June 2006
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1.1

1.2

1.3

GENERAL

Scope

This code covers mainly the analysis, design and construction of reinforced and
prestressed concrete buildings, where the concrete is made of normal-weight
aggregate. Precast components are not covered; for the design of precast
components, a separate code 15 referred to.

Any parts of the buildings subjected to highway loadings, which may be more
appropriately regarded as highway structures or bridges, are also not covered in
this code; for any such parts, a highway design code 15 referred to.

Although not explicitly stated, this code does not deal with earthquake loads or
earthquake resistant design.  Earthguake resistance is not normally a design
requirement for Hong Kong. If earthquake resistance is demanded, it is
recommended to consult other codes of practice for the design. MNevertheless, it is
considered prudent to pay particular attention to the detailing of the concrete
structures so as to provide a reasonable amount of ductility, which is needed not
only for earthquake resistance, but also for robustness and overall safety of the
structures.

References

This code makes reference to the other codes of practice currently in use in Hong
Kong and the Hong Kong Construction Standards CS1 and CS2.

As for codes/standards elsewhere, it is not possible for these codes/standards to
cover every aspect of concrete building structures. Where provisions cannot be
found in these codes/standards, the engineer may resort to other acceptable codes/
standards elsewhere. However, it should be borme in mind that the characteristics
of concrete made in different places are not quite the same because of the
differences in raw materials, curing conditions and concreting practices, and that
the design standards in different places may vary quite substantially. Therefore,
when applving codes/standards elsewhere to Hong Kong, the engineer will have
to provide justification or evidence that the material parameters adopted are
appropriate under the Hong Kong conditions and that the overall standard of the
design 1s not inferior to that stipulated in this code.

Assumptions

Conerete 15 a variable material, of which the guality is sensitive not only to
variations in the mix proportions, but also to the workmanship and the curing
conditions. Hence, the reliability of the material is dependent on the quality
control of the concrete production and the site supervision during concreting,
Adequate quality control and site supervision have been assumed in this code.



1.4

The engineer responsible for site supervision should satisfy himselfherself that
the concrete in the finished structure is of the required quality and keep all
records of the conerete tests. [If there is any special construction sequence or
curing regime designed to mitigate cracking or to achieve certain special
properties, it should be advisable to brief all the site stafl involved beforehand
and carry out monitoring to ensure strict adherence to the specified procedures.

The structural behaviour of a conerete structure can be fairly complicated. Even
when the applied load is relatively small, the concrete structure might have
already cracked. Hence, when estimating the stiffness of the concrete structure,
the possibility of premature cracking should be considered. Moreover, a concrete
structure has in general only finite and sometimes rather limited ductility, which
is dependent on the concrete grade and the details of the reinforcement provided.
Hence, when applying inelastic or plastic analysis, due considerations should be
given to whether the concrete structure has sufficient duetility to meet the
ductility demand. In any case, the engineer should ascertain himselffherself that
the assumptions made in the structural analysis are valid. When unconventional
materials or structural forms are used, it may be necessary to verify the validity of
the design assumptions by rigorous analysis or even prototype testing.

It has been assumed in the code that the design is carried out by an appropriately
qualified design engineer and that the structural modelling and design
calculations contain no mistakes. It is the design engineer’s responsibility to
arrange design scrutiny of the structural modelling and independent checking of
the correctness and accuracy of all the design calculations. The various safety
factors provided in the code are not supposed to cover any mistakes or ermors in
the structural modelling and design calculations.

Deefinitions
The various terms in the code may have specific meanings as defined in Section
1.4 of the code. Common sense interpretation should not be relied on and this

section should always be referred to whenever there is doubt to the exact meaning
of any term.

Symbols

The majority of symbols used are taken from BS8110: Parts 1 and 2. Other
symbols are taken from Eurocode 2. Where the same symbol has been used in
these two codes for more than one definitions, a new symbol has been defined so
that each symbol used in the code has only one specific meaning.
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BASIS OF DESIGN

Requirements

Performance standards

In simple technical terms, the basic performance requirements of a building

structure are:

s structural adequacy (have sufficient strength and stability to resist the
largest possible loads and sufficient endurance to resist repeated loads
during the expected life);
serviceability (free of excessive deformation, vibration and cracking etc);
durability (able to last the expected life with only normal maintenance
required);

»  fire resistance (able to withstand fire up to a certain period of time); and

o robusiness (will not cause disproportionate collapse when subjected to local
damage due to accidental overload or impact).

The main function of the code is to set the design standards for the above
performance requirements. However, it should be borne in mind that setting the
design standards is actually a social-economical issue. MNone of the above
performance requirements ¢an be demanded or achieved in absolute sense. For
instance, there is no absolute structural safety (encompassing both structural
adequacy and robustness) in this world. No matter how high the safety standard
is, there is always a probability, albeit small, that the structure will fail. The
salety standard could be set higher so that the risk of failure would become
smaller, but at the same time the cost of construction would soar and the structure
might become excessively bulky to defeat its intended function. Likewise, there
15 no absolute durability because 1t is physically impossible for a structure to last
forever. Therefore, in reality, it is necessary to draw a line somewhere and set
performance standards that are high enough to ensure an appropriate degree of
reliability and vet practicable and economical.

The design standards set in the code have been developed over a long period of
time with the best of our engineering knowledge and skill embodied. They are
generally comparable to most national standards, especially the British Standards,
and may therefore be considered in line with international practices. On the
whole, they represent a reasonable balance between the performance standards of
buildings and the economic/sustainable development of the society that is so far
acceptable to the general public,

The design standards stipulated in the code are recommended minimum standards
for general buildings under normal conditions. If, for some reasons, such as high
susceptibility to unusual loading conditions or simply high value/importance of
the building, it is considered prudent to design the building structure to a higher
standard, it is up to the design engineer to do so, with perhaps consent from the
client.



2.1.2 Design working life

Regarding the expected life of the building, the code specifies the expected life in
terms of the design working life, which is assumed to be 50 years for general
buildings and other common structures. The usage of this terminology is
explained below.

A number of different terminologies and definitions have been used for
specifying the “life” of a building, namely, design life, service life and design
working life. The various terminologies could be a bit confusing. The terms
design life and service life are used in BS7543 while design working life is used
in EN documents, as depicted below.

In BS7543: 1992,

s design life is the period of use intended by the designer (e.g. as stated by the
designer to the client to support specification decisions),

s  service life is the actual period of time during which no excessive
expenditure is required on operation, maintenance or repair of a component,
or re-construction, and

s required service life is the service life specified to meet users’ requirements
{e.g. as stated in the client’s brief for a project or in the performance
specification).

In EN documents, design working life is employed. This is the period of time
during which a structure that has undergone normal maintenance is unlikely 1o
require major repairs.

In the new code, the terms design life, service life and required service life
defined in BS7543 are not used because in practice the design life should not be
different from the required service life and the purposeful differentiation between
design life and required service life would only cause confusion. Relatively, it
should be simpler and better to just use the term design working life, which is
more clearly defined, as in the EN standards.

Apart from the difference in terminologies, the British Standards and the EN
documents also differ in the specified design life or design working life periods,
as depicted below.

Among the various British Standards, BS8110 has never specified any design
life. BS7543: 1992 recommends that (see Table 1 of the document) for category
4 normal life structures, such as new health and educational buildings, new
housing and high quality refurbishment of public buildings, the design life is a
minimum period of 60 years while for category 5 long life structures, such as
civic and other high quality buildings, the design life is a minimum period of 120
years. In BS5400: Part 1: 1988, the design life of steel, concrete and composite
bridges is recommended to be 120 years.

On the other hand, EN1990: 2002 (E) recommends that (see Table 2.1 of the
document) for design working life category 4 structures, such as building
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structures and other common structures, the indicative design working life is 50
years while for design working life category 5 structures, such as monumental
building structures, bridges and other civil engineering structures, the indicative
design working life is 100 years.

From the above, it can be seen that for normal buildings, the design life specified
in BS7343 is 60 years whereas the design working life specified in EN199%0 is 50
years. However, the difference between 60 and 30 vears does not really carry
much significance because up to now there is no rigorous scientific basis for
these values. In actual practice, the environmental and usage conditions of the
buildings could vary from one extreme to another and similar buildings designed
to the same durability standard might end up with very different degrees of
deterioration after 30 or 40 years. Hence, the specified design life or design
working life should be treated only as a nominal value. A value of 50 years has
been adopted in the new code. This does not mean that the buildings designed as
per the new code would not last longer than 50 years. Like many existing
buildings that have survived longer than 50 years, it is quite possible for the
buildings, after major repairs or retrofitting, to survive up to 60 years or so.

Principles of limit state design

General

The new code is based on the limit state design philosophy. According to the
limit state design philosophy, a structure has to be designed to satisfy not just one
performance requirement but a multitude of performance requirements, or in
other words, to be designed to stay within limit states, which define the bounds of
acceptable performancs limits, under all possible usage conditions.

Limit states to be considered in the design are mainly the ultimate limit state and
the serviceability limit state. The ultimate limit state is related to structural safety
whereas the serviceahility limit state is related to proper functioning of the
structure. The ultimate lhimit state is generally considered more important.
Hence, most engineers choose to first design for the ultimate limit state, thinking
that the ultimate limit state 15 likely to be the most critical limit state, and then
check that the remaining limit states will not be reached.

However, the various structural modelling assumptions made during ultimate
limit state design, such as the neglect of the torsional stiffness of frame members
and the neglect of the out-of-plane stiffness of shear walls, which are on the
conservative side from structural safety point of view, are not necessarily on the
conservative side when applied to serviceability limit state design. When the
serviceability limit state is considered, the torsional stiffness of frame members
and the out-of-plane stiffness of shear walls should not be neglected because the
torsional moment and out-of-plane bending moment induced may cause cracking
of the concrete. The common practice of using the structural model originally
developed for ultimate limit state design also for serviceability limit state design
may not be acceplable.




2.2.2  Ultimate limit state (ULS)

ULS design is concerned mainly with srrengrh, stability and robustness of the 3
structure, although collapse, overturning and buckling have also been mentioned 3
as if they are something different in Clause 2.2.2.1 of the code (somehow
robusiness has been missed out in this clause). Collapse may be a consequence
of strength, stability or robustness failure while overturning and buckling are both
consequences of stability failure. Hence, collapse, overturning and buckling are _:_
only duplicated concepts. It should be more systematic to just concentrate on 5
strength, stability and robustness, which already cover all aspects of ULS design. 3

Strengrh is the primary concern, although Section 2.2 of the code touches only
lightly on this aspect. When designing for strength, the design loads are applied
to the structure and the structure is first analysed for the internal member and
section forces (analysis of structure). After obtaining the internal member and
section forces, each section is then analysed for the purpose of reinforcement
detailing (analysis of sections). A common practice is to carry out the analysis of
structure by means of linear elastic analysis and the analysis of sections by means
of inelastic or plastic analysis. With this design practice, the various sections of
the structure would vield at more or less the same time when the structure is
loaded to the point of collapse. Such design practice is acceptable from the
structural safety point of view but the resulting design may not be the most
economical. Nevertheless, it has the major advantages that the design procedures
are relatively simple and that computer software for linear elastic analysis of
structure and inelastic/plastic analysis of sections are readily available.

If the analysis of structure is carried out by means of inclastic or plastic analysis
50 as to take advantage of the redistribution of internal forces from the sections z
that have already vielded to the other unyielded sections, a more economical
design may be obtained. The method of redistribution of moments (see Section

5.2 of the code) is an abridged version of such practice. However, care is needed

to check and ensure that all the vielded sections have sufficient ductility to

withstand the plastic deformation so caused until the structure collapses.

Ductility check is in general not easy because a rather rigorous limited ductility
elasto-plastic analysis method is required. I such rigorous analysis method is not

resorted to, it is better to stay with linear elastic analysis of structure and apply

only those redistributions of internal forces that are explicitly permitted with clear

guidelines given in Chapter 5 of the code.

Stability is the ability of the structure to prevent bodily movement and buckling
of any part of the structure. Bodily movement is the displacement of part or
whole of the structure without internal restraint (i.e. without straining any part of
the structure) and without proper external restraint (i.e. without being properly
affixed or restrained by external means). It is basically a first order effect.
Bodily movement can occur due to formation of one or more unintentional
mechanisms or due to movement of the whole structure (such as sinking, floating,
sliding or overturning) relative to the foundation, as illustrated in Figure 2.1.
Unintentional mechanisms could be formed in many ways, as shown in Figure
2.2, For instance, if all the shear walls of a building are arranged to be parallel to
each other, the building will tend to move in the direction perpendicular to the
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shear walls (due to small lateral stiffness in that direction). Likewise, if all the
shear walls are arranged to be intersecting at one vertical axis, the building will
tend to rotate about that axis (due to small torsional stiffness). Another
possibility is the connection of a cantilever beam to a shear wall at a direction

perpendicular to the wall without designing for the concentrated out-of-plane
bending moment that could be induced at the beam-wall joint.

{a) A truss with an unintentional mechanism
(note that all nodes except A and H can move without internal restraint)

building

load — | ———= | sliding

FANN AN S AN

7 floating [/ A S
v upwards o water
B T lable
Ioad —= ;
overturning
—
- e

(b} Movement relative to foundation

Figure 2.1 Examples of bodily movement
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(c) Cantilever beam connected to shear wall

Figure 2.2 Some examples of unintentional mechanisms
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Buckling is the loss of stability due to geometric nonlinearity arising from the
deflection of part or whole of the structure. Unlike bodily movement, buckling
causes straining of the structure and is thus dependent on the stiffness of the
structural elements involved (mainly the lateral stiffness of struts and out-of-
plane stiffness of walls). It is basically a second order effect (also referred to as
P-A effect by some engineers). The loss of stability could be gradual if the
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structural elements involved have initial curvature and/or eccentricity, or be very
sudden with no prior wamning if the structural elements are perfectly straight and
in line with the applied loading. In any case, buckling is a kind of brittle failure
and is therefore extremely dangerous. Buckling occurs mainly in slender
structural elements. Fortunately, concrete structures are mostly quite bulky (at
least compared to steel structures) and so buckling failure of concrete structures
is uncommeon. However, it could happen if the structure is not detailed properly.
For instance, if’ the analysis of structure is carried out using a two-dimensional
analysis method with all possible out-of-plane actions neglected and at the end no
restraint against the out-of-plane movement of the structure is provided (many
inexperienced engineers are tempted to forget about the possible out-of-plane
actions because there is no out-of-plane loading acting on the two-dimensional
model of the structure), out-of-plane buckling could occur. Excessive reliance on
computer analysis may also cause the same problem because many inexperienced
engineers just concentrate on structural elements subjected to loading and are not
aware of the fact that sometimes structural elements have to be added to provide
restraint rather than to carry loading,

Robustmess is the fail-proof ability of the structure against disproportionate
collapse when subjected to local damage due to accidental overload or impact.
The aim of providing robustness is to avoid the situation whereby damage to a
small part of the structure or failure of certain individual elements would lead to
collapse of & large part or any major part of the structure. To provide robustness,
(a) at the global scale, the general arrangement of the structure must be designed
to avoid any inherent weakness that could lead to progressive collapse, and (b) at
the local scale, every structural element should be designed to have at least some
nominal lateral resistance and be effectively tied to other parts of the structure.

Designing the structure at the global scale to avoid inherent weakness that could
lead to progressive collapse (or, in other words, designing the structure to have a
good structural integrity) requires careful judgement by an experienced engineer.
Mo simple structural analysis can replace such engineering judgement. Perhaps
some kind of collapse mechanism analysis should be carried out to trace the
sequence of events that could happen during collapse in order 1o assess the
structural integrity of the structure, which is required by Clause 2.2.2.3(h) of the
code. Performing such collapse mechanism analysis quantitatively is not going
to be easy as the computations involved are exceedingly complicated and there is
still no computer software available in the market, although research has pointed
out the possibility of applying nonlinear finite element analysis for this purpose.
Anyhow, at the least, conceptual and qualitative collapse mechanism analysis
should be camed out to identify any key structural elements, the failure of which
would cause the collapse of more than a limited portion close to the element in
question. As a general rule, as far as practicable, the arrangement of the structure
should be designed such that only a small number of structural elements are
indispensable (these are called key elements) and the indispensable elements (the
key elements) must be designed to resist accidental loading and/or protected o
prevent removal by accident. Another general rule is to provide as much
redundancy as possible so that when a certain part of the structure fails, the
loading that it is carrying may be redistributed for eventual transmission to the
foundation without causing progressive collapse.




At the local scale, every structural element should be designed to have at least
some nominal resistance in all directions. For instance, a beam subjected mainly
to vertical downward loading and sagging moment should also be designed to be
capable of resisting certain nominal vertical upward loading and hogging momen
because the direction of accidental loading is in general very unpredictable and
can act in any direction. When there are elements that are effective in resisting
load in only one direction, such as guy wires, stay cables and suspension cables,
particular care is needed to ensure that when the loading direction reverses, the
structure still has sufficient resistance to avoid initiation of progressive collapse.
In addition, every structural element should be properly connected to other parts
of the structure. For connecting precast components to the structure, monaolithic
connections are generally preferred. If practicable, the reinforcing bars to be
anchored #t the connections should be mechanically connected or welded
together instead of just lapped side by side to improve the structural integrity.

Following the events of September 11 in 2001, much research has been carried
out into the robustness of structures particularly with respect to disproportionate
collapse of highrise buildings, The two principal reports relating to this topic are
“Safety in Tall Buildings” published by the UK Institution of Structural

Engineers and “World Trade Center Building Performance Study™ published by

the USA Federal Emergency Management Agency. Their recommendations

essentially follow the guidelines given in BS8110 and Eurocode 2, namely:

s Identifying any key elements in each structure, for which their failure would
lead to the collapse of a greater portion of the building than that local to the
element in question. Where these key elements cannot be designed out, the
design of these elements will take their importance into account using
appropriaté Measures.

s Ensuring the structures will be capable of safely resisting a notional
horizontal design ultimate load at each floor level.

s« Ensuring the structures will be provided with effective horizontal ties around
their peripheries, internally and to their vertical elements.

«  Ensuring that the vertical elements of the structure will be provided with ties
such that the removal of a vertical element, other than a key element, will
result in any collapse being limited to the portion of the structure in close
proximity to that element.

These guidelines have been incorporated into the code of practice.

For very special and important buildings, it may be necessary 1o allow for the
effects of particular hazards or for an unusually high probability of the structure
surviving an accident even though damaged. In such case, safety factors higher
than those given in the code may be required.

In Hong Kong, structures are normally designed with sufficient stability and
robustness so that the effects of impact and impassive loading should be small,
The danger against sabotage and terrorist attacks is not considered high in
general, Useful information on protective system against these loadings can be
found in CEB and fib publications. If building structures are required to be
designed against these extreme actions, specialist literature should be consulted
and the design carried out accordingly.

10
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For easy reference, a flowchart of the robustness design procedure, similar to the
one given in BS8110: Part 1: 1997, is presented in Figure 2.3.

1 .
1
Check of
structural integrity

Has structure any
inherent weakness in
layout ¥

Reconsider layout
to avold weakness

Ensure that strusture can
resist notional horizontal
Inad (zec 2.3.1.4)

l

Provide peripheral, internal,
horizental and vertical ties
(see 6.4.1)

'

-

Can
individual elements, Vo5

Where for any which cannot be tied, be bridged 7
reason it 15 not [soe 6.4.2)
feasible to
introduce tics
the following <
procedure - '
should be UESIE}I.‘I{ Sll.-:]h elernénu

a5 elemen
adoptedt {5:: 2.3.1.4)

N

Figure 2.3 Flowchart of robustness design procedure
{the clause numbers refer to those in the code)
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Serviceability limit state (SLS)

SLS design is concerned mainly with the functionality of the structure {(depending
on the type and intended usage of the structure, functionality here may include
fitness for purpose, user comfort, appearance and other special requirements such
as water-tightness of the structure). To satisfy the SLS requirements, the
cracking, deflection and vibration of the structure under normal usage are
analysed and checked against the acceptable limits stipulated in the code of
practice and if applicable additional requirements set by the client, Traditionally,
the fatigue resisiance, durability and fire resistance of the structure are also
evaluated and checked as a part of the SLS design, although these performance
requirements should have been designed for in a separate design routine {fatigue
resistance, durability and fire resistance are not really subsets of serviceability).

The analysis of structure for evaluation of eracking, deflection and vibration is
usually carried out by means of linear elastic analysis because the structure is
expected to remain elastic under normal usage. In many cases, where the
cracking, deflection or vibration are not expected to cause concern, deemed-to-
satisfy design rules for dimensioning and detailing of the structural elements (e.g.
maximum span/depth ratios, minimum reinforcement areas and maximum steel
bar spacings) have been provided so as to simplify the design process.

Cracking affects the appearance, durability and water-tightness of the structure,
Broadly speaking, there are two categories of cracks: non-structural cracks (also
called restraint-induced cracks) and structural cracks (also called load-induced
cracks). Non-structural cracks are due to sedimentation, shrinkage or thermal
movement of the concrete, which if restrained, would induce tensile stresses large
enough to cause cracking. Structural cracks are due to tensile stresses developed
in the concrete resulting from the applied loads. Non-structural cracks may be
controlled by proper concrete mix design, careful planning of the construction
sequence, proper control of the temperature and moisture conditions during
curing, provision of movement joints and provision of crack distribution
reinforcement. On the other hand, structural cracks may be controlled by limiting
the tensile stresses developed in the concrete, proper reinforcement detailing and
provision of crack distribution reinforcement.

The necessity to limit the deflection arises from the problem that excessive
deflection of the structure could lead to drainage difficulties, demage of the non-
structures such as finishes, partitions, glazing, cladding and services (these
normally could not accommodate too much deflection), and movement or
vibration that could affect the user comfort of the structure.

Vibration is of concern because it may cause discomfort to the occupants and/or
interference with proper function of sensitive equipment housed in the building.
There are two major sources of vibration: wind-induced vibration and machine-
induced vibration. Wind-induced vibration may be limited by controlling the
lateral deflection of the building under the equivalent static wind load or by
controlling the peak acceleration of the building under the dynamic wind load.
Om the other hand, machine-induced vibration should better be controlled by
isolating the source of vibration.

12
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2.3

Loads

Design loads

The loads are defined in terms of characteristic leads, which should have a
reasonably high probability of not being exceeded under normal usage during the
design working life of the building. The characteristic dead load, imposed load
and wind load are given in the Code of Practice for Dead and Imposed Loads for
Buildings and the Code of Practice on Wind Effects.

The design load, i.e. the load value to be used in the design calculations, is to be
taken as the characteristic load multiplied by an appropriate partial safety factor
{i.e. load safety factor), which is dependent on the type of loading and limit state.

A set of design loads for robustness design has, for the first time, been given in
the Hong Kong codes. The design loads for robustness (no partial safety factor is
to be applied) comprise of:

{a) A notional ultimate horizontal load at each and every floor level equal to
1.5% of the characteristic dead weight of the structure between mid-height
of the storey below and mid-height of the storey above,

(b} A notional ultimate load of 34 kN/m® on each key structural element, acting
in any direction (vertical or horizontal, upward or downward, and inward or
outward). The projected area of the key element is to be used for the
determination of the ultimate load.

(¢) A notional ultimate load of 34 kN/m’ on each building component
connected to a key structural element acting in any direction. The projected
area of the building component is to be used for the determination of the
ultimate load but the reaction to be transmitted to the key structural element
should be the maximum that might reasonably be transmitted having regard
to the strength of the component and the strength of the connection,

Following the progressive collapse of Ronan Point in 1968 (a UK residential
building that suffered extensive damage following a gas explosion in one of the
apartments), regulatory requirements were introduced in UK to provide (in
buildings above 5 storeys) structural resistance with the aim of limiting damage
caused by an accident or misuse so that it is not disproportionate to the cause.
These rules are included in both the UK Building Regulations and the British
Standard code of practice. The value of 34 kN/m® originates from research
carried out by the Building Research Establishment following the gas explosion
at Ronan Point. Measurements of f-cak pressure following such incidents were
assessed and the value of 34 kN/m” was found to be the peak pressure that was
exceeded by only 2% of incidents, It is therefore of the order of a 1 in 50 event.
This was considered to be a reasonable value to use in design.

The notional ultimate horizontal load in (a) above should not in general govern
the design of buildings in Hong Kong, because of the relatively large wind loads
to be designed for. What needs to be done during the design process is just to
make sure that the design ultimate wind load to be applied at each floor level is
not smaller than this notional ultimate horizontal load for robustness.

13
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In most cases, the notional ultimate loads in (b) and {c) above should have little
effect on the design of the building structure, but still design check is required to
confirm compliance with these two robustness requirements. Perhaps the greatest
effect is on the provision of out-of-plane resistance to each shear wall for
robustness. The projected area of a shear wall in the out-of-plane direction is
quite large. This, multiplied by the notional ultimate load of 34 KN/m®, could
lead to a fairly large loading. Even then, the robustness requirement would
govern the design of the shear wall only when the thickness of the wall is
relatively small.

Loads for ultimate limit state

The major loads to be considered for ULS design are dead load, imposed load
and wind load, which are to be combined into at least three different load
combinations: (dead load + imposed load), (dead load + wind load), (dead load +
imposed load + wind load), as per Table 2.1 of the code. It should be noted that
although Table 2.1 resembles the table in Clause 2.4.3 of BSE110: Part 1: 1997,
the load safety factors given in Table 2.1 are not the same as those given in the
British Standard. In BSE110, the beneficial load safety factor for imposed load in
the (dead load + imposed load + wind load) combination has been set as 1.2.
This is actually wrong because the imposed load may be present or absent, and
when the presence of imposed load is beneficial, the absence of imposed load
would produce a more critical condition. Therefore, the beneficial load safety
factor should have been taken as 0. In the new code, this mistake is corrected and
the beneficial load safety factor for imposed load is set equal to 0.

Clause 2.3.2.4 of the code suggests that for ULS design, the creep, shrinkage and
temperature effects need only be considered where they are significant, for
example, for the verification of ultimate limit states of stability where second
order effects are of importance; in most other cases, they need not be considered
at ULS, provided that the ductility and rotational capacity of the structural
elements are sufficient. However, in actual practice, it is not easy to check
whether the ductility and rotational capacity of the structural elements are really
sufficient because there is still no established analytical method for doing so.
The creep, shrinkage and temperature effects are generally more significant in
relatively long and/or tall structures, in which case, the resulting movement can
amount to 100 mm or more. It should be advisable to always include the creep,
shrinkage and temperature effects in the ULS design of long (say, longer than
100 m) and/or tall (say, taller than 100 m) structures.

Loads for serviceability limit state

The major loads to be considered for SLS design are dead load, imposed load,
wind load, differential settlement of foundation (if any), and creep, shrinkage and
temperature effects (if any). For SLS design, the load safety factors for all types
of loading are taken as 1.0. In most cases, if the design and detailing of the
structural elements are carried oul in accordance with the deemed-to-satisfy rules
given in the code, no further checks on SLS are required.

14
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1.6

Materials

The strength of a material is defined in terms of its characteristic strength, which
should have a reasonably high probability of being achieved with proper quality
control and site supervision assumed, The design strength, i.e. the strength value
to be used in the design calculations, is to be taken as the characteristic strength
divided by an appropriate partial safety factor (i.e. material safety factor), which
is dependent on the variability of the strength parameter, possible difference
between the in-situ strength and the laboratory measured strength value, resulting
uncertainty in the estimated sectional resistance and limit state.

In the older 1985 edition of BS8110, the material safety factor w. for steel
reinforcement is taken as 1.15, while in the newer 1997 edition of BS2110, the
material safety factor y, for steel reinforcement is changed to 1.05. Both these
two material safety factors have been used in Hong Kong. However, bearing in
mind that the sources of reinforcement in Hong Kong are quite diversified with
varying degrees of quality control, the reduction of the material safety factor for
reinforcement from 1.15 to 1,03 is not considered advisable, at least at this stage.
Hence, the material safety factor for reinforcement of 1.15 in the 1985 edition of
BSE110 is adopted.

Analysis and verification

As stated before, the analysis for the purpose of reinforcement detailing and
verification of compliance with all the limit states consists of two stages:

o analysis of structure; and

=  analysis of sections.

Guidelines for the analysis of structure and analysis of sections are given in
Chapters 5 to 7 of the code. However, these rules are limited to design of
structures under static loads or eguivalent quasi-static loads of wind. For
dynamic analysis, specialist guidance should be sought. Where non-linear
effects, such as those due to geometric nonlinearity or material nonlinearity, are
significant, specialist guidance should also be sought.

New and alternative methods

New and alternative design methods not found in the code may also be used
provided it can be demonstrated that the basic performance requirements in
Section 2.1 of the code are complied with and that the overall standards of the
design are not inferior compared to the general standards stipulated in the code.
For such purpose, the design engincer may have to verify the accuracy of the
theoretical analysis by model and prototype tests and provide evidence that all the
performance requirements have actually been achieved by field monitoring
and/or testing.




L |

1.1

.12

MATERIALS

Concrete

Cieneral

This section applies only to concrete made from the locally available rock
agpregate (mainly granite rock aggregate).

Unlike the British Standard B58110, which covers only normal-strength concrete
up to grade C60, high-strength conerete up to grade C100 is covered in the new
code. This represents a great advancement as the usage of high-strength concrete
is increasing and more design guidance is desperately needed.

The properties of conerete are dependent on the raw materials (mainly the type of
aggregate used), the curing conditions and the local concreting practices. Hence,
the characteristics of concrete made in different places are not quite the same and
the material properties of concrete given in other codes are not necessarily
applicable to Hong Kong. To resolve this problem, the local universities have for
many years conducted research on the properties of the local concrete. It has
been found that generally speaking the local concrete made with granite rock
aggregate has lower elastic modulus, lower strength with the same mix
proportion and larger shrinkage compared to most other concretes made
elsewhere. These characteristics of the local concrete have already been
incorperated in the new code.

The recommendations made in this section on the properties of the local concrete
and on the usage of high-strength concrete are based mainly on the rescarch
studies carried out at The University of Hong Kong.

Elastic deformation

The elastic modulus of concrete is given in the new code in both an equation
form and a table form. The equation for the evaluation of elastic modulus is:

E.=346./7, +321

where E_ is the short-term elastic modulus of the concrete (in kN/mm and 7,

is the cube compressive strength (in mem’j It is applicable to concrete with
cube strength ranging from 20 to 100 N/mm®.

The elastic modulus values evaluated as per the above equation agree closely
with the corresponding values given in the previous Hong Kong Building Code -
Buildings and Lands Department, Code of Practice for the Structural Use of
Concrete: 1987 within the cube strength range of 20 — 45 N/mm”® and the Hong
Kong Highways Code — Highways Department, Structures Design Manual for

16
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Highways and Railways: 1997 within the cube strength range of 20 - 60 N/mm’.
Hence, up to a cube strength of 60 N/mm®, there is little change in the elastic
modulus.  The major change in the new code is the extension to cover cube

strengths from 60 to 100 N/mm®.

It should be noted that when the mean elastic modulus is required, the mean cube
strength should be used in the above eguation to evaluate the elastic modulus and
when the characteristic elastic modulus is required, the characteristic cube
strength should be used instead.

The elastic modulus of the local conerete as given in the new code is based on
extensive tests carried out at The University of Hong Kong, which have been
published in the following paper:

Kwan A K.H., Zheng W. and Lee P.K K., “Elastic modulus of normal- and high-
strength concrete in Hong Kong”, Transactions, Hong Kong Institution of
Engineers, Vol.8, No.2, 2001, ppl0-15.

Creep and shrinkage

The methods of estimating the creep and shrinkage of concrete in the new code
are the same as those given in the Hong Kong Highways Code - Highways
Department, Structures Design Manual for Highways and Railways: 1997, which
are actually based on Appendix C of BS5400: Part 4: 1990. According to
BS5400: Part 4, the creep and shrinkage of concrete may be evaluated using the
following equations:

-ﬂ;{f_} 'F:[. Km 'k-c Et X_]
Eul0) = K K, K K|

in which ¢ is the creep coefficient, ¢, is the shrinkage strain, and the “K ™
cocfficients are as defined in BS5400: Part 4. However, over the years, it had
been found from field measurements and laboratory tests that the shrinkage of the
local concrete is generally much larger than that predicted by the BS5400: Part 4.
The most probable cause of the much larger shrinkage of the local conerete may
be attributed to the properties of the granite rock aggrepate being used in Hong
Kong. In order to allow for the larger shrinkage of the local conerete, the Hong
Kong Highways Code incorporates a modification factor ¢, into the formula for

shrinkage, as depicted below:
ealt) = ¢, K K. K, K,

The modification factor ¢, has been assigned a value of 4.0 in the Hong Kong
Highways Code. This same modification factor is adopted in the new code.

The modification factor of 4.0 implies that the shrinkage of the local concrete is
about four times that of similar concrete in UK. Such implication has aroused the
controversy whether the shrinkage of concrete in one place can be four times that




of similar concrete in another place, despite the fact that the shrinkage of concrete
is heavily influenced by the properties of the constituent materials. Some
government departments and universities are conducting long-term shrinkage
tests of the local concrete. Hopefully, in the near future, when the tesis are
completed, this controversy could be settled with a more reliable shrinkage model
developed specifically for the concrete in Hong Kong. Engineers are advised to
keep an eye on the publication of the test results and the new shrinkage model.

Stress-strain relationships for design

The stress-strain curve of concrete given in the new code is compared to that of
B58110/BS5400 in Figure 3.1.

g, = 0,671
Ym

| ——————

Parabolic "
curve
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(a) Stress-strain curve in BSE110/B55400
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E. (See Table 3.2)
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(h) Stress-strain curve in the new code

Figure 3.1 Stress-strain curves of concrete
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The stress-strain curve in the new code differs from that of BS3110/B55400 in

the following two ways:

{a) The initial gradient of the curve (1.e. E ) has been changed to match with the
generally lower elastic modulus of the local concrete.

(b) The reduction of the ultimate concrete strain £, (the strain at the extreme
compression fibre when the concrete fails) with the increase of the concrete
strength £, to beyond 60 NM/mm’ has been taken into account so as to

extend the applicability of the curve to high-strength conecrete.

However, although Table 3.2 has been referred to for the evaluation of the initial
gradient E,, the method of applying the material safety factor y, has not been

specified. In theory, the material safety factor should be applied befors
evaluating the initial gradient using either Table 3.2 or Equation 3.1 of the code.
Since after application of the material safety factor, the concrete strength
becomes /v, and is no longer a whole number, it should be better to use

Equation 3.1, which after the material safety factor is applied, becomes:
E =346 (7. ra) +321

After changing the inital gradient E_, the value of £, needs o be adjusted,
Mathematically, for the initial part of the stress-strain curve to remain a parabolic
curve, the value of &, needs to be set equal to 2o, /E, . Hence, for mathematical

compatibility, the value of £, should have been adjusted to:

L3407, /v )

[=1] .'Ir r
E

4

£

which is in general larger than that of BSE110/BS5400.

The value of the ultimate concrete strain £, has to be reduced when the concrete
strength 7, is higher than 60 MNimm® because high-strength concrete generally
has a stress-strain curve that would, after reaching the peak, decline more rapidly
than in normal-strength concrete (high-strength concrete is more brittle). To
allow for such effect, the code has provided the following formula for the
evaluation of £, :

£, = 0.0035 for £, <60 N/mm®
£, = 0.0035 - 0.00006,(1,, - 60 for £, = 60 N/mm?

This formula is based on the research study carried out at The University of Hong
Kong, which has been published in the following paper:

Ho J.C M., Kwan AK.H. and Pam H.J., “Ultimate concrete strain and equivalent
rectangular stress block for design of high-strength concrete beams”, Structural
Engineer, Vol.80, No.16, 2002, pp26-32.
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Reinforcing steel

The grades of steel and their mechanical properties given in the code are the same
as those in BS8110. Particular attention should be paid 1o the requirements for
mechanical eouplers, which are becoming quite commonly used in Hong Kong.

Prestressing tendons

The stress-strain relation and other mechanical properties given in the code are
basically the same as those in BSBI10. Tt should be noted that the 0.5% proof
stress f,, is used in place of the yield stress f, (which may not be well defined)

1o define the ultimate strength of prestressing tendons.

Prestressing devices

The requirements for prestressing devices are given in this section in a very brief
manner because no general rules can yet be explicitly and exhaustively set. Itis
hetter to either employ proprietary products with good performance records or
employ only those new products with sufficient field trials carmed out to
demanstrate their compliance with all the performance requirements in Section
2.1 of the code.

New materials

New materials not covered in the code may also be used provided it can be
demonstrated that the basic performance requirements in Section 2.1 of the code
are complied with and that the overall standards of the materials are not inferior
compared to the general standards stipulated in the code. For such purpose, the
design engineer has to provide sufficient information, including manufacturing
data, track record of previous applications, testing and proposed quality controls,
to allow independent third party evaluation.
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4.1

41.2

DURABILITY AND FIRE RESISTANCE

Objectives

Durability

The purpose of durability design is to ensure that the structure will perform its
intended functions satisfactorily for a sufficiently long period of time or at least
during its design working life without requiring excessive maintenance,
Durability design requires consideration right at the beginning of the design
stage, although some engineers tend to leave this important issue to the stage of
writing up the specification.

Durability design is not just a matenal problem. Crack control is at least as
important. No matter how good the materials are, if the structure cracks
extensively to allow direct ingress of the aggressive ingredients into the core of
the structure, the structure will not last long. There are two types of cracks: non-
structural cracks and structural cracks. They could be caused by use of an
inappropriate concrete mix, inadequate temperature/moisture control during
curing, restraint against shrinkage/temperature movement and excessive tensile
strains induced by the applied load. Hence, as the code says, it 1s dependent upon
the integration of every aspect of design, materials and construction.

The guidelines for durability design provided in the code are applicable only to
structures in normal environment and with a design working life of 50 years. For
more severe environment andfor design working life longer than 50 vears,
additional protection measures, such as the incorporation of cathodic protection,
protective coatings and corrosion inhibitors ete, which have not been included in
the code, may be necessary.

Az part of the durability design, it is strongly advised to carry out life-cycle cost
analysis of the structure, taking into account the initial cost of construction, the
future cost of maintenance and the consequential loss of utility due to disruptions
caused by the maintenance works required. Life-cyele cost analysis is not vet
commeon in Hong Kong but is already well established in many other places as a
useful tool for deciding the level of protection to be provided.

Fire resistance

The purpose of fire resistance design is to ensure that every structural element
would possess an appropriate degree of resistance to flame penetration, heat
transmission and collapse during fire attack.

From literature review, it would appear that the most common approach to fire

engineering is to use the prescriptive method. Each country’s respective code
gives requirements for minimum cover and minimum member size based on
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research on the characteristic behaviour of that particular country’s construction
materials, with respect to concrete and reinforcement strengths and types of
aggregate etc. Hong Kong already has gwidance on cover requirements as
published in the Code of Practice for Fire Resisting Construction. The guidance
is based on the local conditions.

As with the preseriptive approach, the fire engineering calculation method in each
country’s code is based on calibrated testing specific to that country. It is
therefore questionable whether the procedures and formulae specified in either
the Eurocode or BS8110 are applicable to Hong Kong. In addition, the accuracy
of the data on which the calculations are based would also be called into question
as it represents a notional fire development rate used for the standardised testing
of materials. In practice, a real fire may follow a significantly different patiern
depending on the quantity and type of combustible materials present. Therefore,
in the absence of any clear benefit, it is considered not appropriate to include the
calculation method in the Hong Kong Code of Practice until further Hong Kong
specific research has been camied out.

Requirements for durability

General

A reinforced concrete structure mayv deteriorate because of deterioration of the
concrete itself or because of corrosion of the steel reinforcing bars inside the
concrete. Common causes of deterioration of concrete include alkali-aggregate
reaction, chemical attack, freezing and thawing action and mechanical abrasion.
In most cases, it is the corrosion of the steel reinforcing bars that is more likely to
be the major problem.

The corrosion of steel is an electro-chemical reaction. When there exists a
difference in electrical potential along the steel bar in concrete, an electro-
chemical cell is set up: there form anodic and cathodic regions, connected by an
electrolyte in the form of pore water in the hardened cement paste. The
positively charged ferrous ions Fe'™ at the anode pass into the pore solution while
the negatively charged free electron ¢ pass through the steel into the cathode
where they are absorbed by the constituents of the electrolyte and combine with
water and oxygen to form hydroxyl ions (OH)™. The hydroxyl ions travel through
the electrolyte and combine with the ferrous ions to form ferrous hydroxide,
which is comverted by further oxidation to rust. The electro-chemical reactions
involved are as follows:

Anodic reactions:

Fe = Fe™ +2¢

Fe'" +2 (OH)y — Fe(OH); (ferrous hydroxide)

4 Fe(OH) + 2 H;0 + Oy — 4 Fe(OH): (ferric hydroxide)
Cathodic reaction:

dg +0:+2H0 = 4(0OH)
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Both water and oxvgen {or air) are needed for the process to continue, There is
no corrosion in dry concrete (because there is no water) nor in concrete fully
immersed in water (because there is little oxygen or air). The optimum relative
humidity for corrosion is 70 to 80%,

The differences in electro-chemical potential can arise from differences in the
environment of the concrete, for example when a part of it is wet and another part
is dry. A similar situation can arise when there is a substantial difference in the
thickness of cover to the steel.

Fortunately, even with a continuous supply of oxygen and water, the steel in
concrete does not necessarily corrode. The concrete cover protects the steel from
corrosion not just by hindering the ingress of deleterious fluids but also by means
of passivation. Steel embedded in hydrating cement paste rapidly forms a thin
passivating layer of oxide, which strongly adheres to the underlying steel and
gives it complete protection from reaction with oxygen and water, Le., from
corrosion.  This state of the steel is known as passivation. Maintenance of
passivation is conditional on an adequately high pH or in other words high
alkalinity of the pore water in contact with the passivating layer. Basically,
concrete is alkaline because of the presence of lime, i.e. Ca(OH);, which is
liberated as a byproduct during cement hydration. The pH of the pore water in
hardened Portland cement paste is initially around 12.6 to 13.5, which is high
enough to offer passivation protection to the steel.

However, there is everyvwhere carbon dioxide, ie. COy, in the air. Carbon
dioxide reacts with moisture to form carbonic acid, which then reacts with the
lime in the pore water of concrete to form calcium carbonate, a neutral product,
This is called carbonation. As a result, the alkalinity of the concrete gradually
drops and once the pH is reduced to below around 10, the passivation protection
to the steel will be gone and if there is oxygen and water, the steel will start to
corrode.

Apart from carbon dioxide, chloride ions may also destroy the protective
passivity layer on the surface of embedded steel thereby causing de-passivation.
Chloride ions activate the surface of the steel to form an anode, the passivated
surface being the cathode, The reactions involved are as follows:

Fe™ +2 CI” — FeCly (ferrous chloride)
FeCls + 2 H;0 — Fe(OH); + 2 HCI

Thus, the chloride ion CI” is regenerated so that the rust contains no chlonide,
although ferrous chloride is formed at the intermediate stage.

Rust has a lower density than steel. Hence, as corrosion takes place, the volume
increases and since the expansion is restrained by the surrounding concrete,
bursting stresses are induced, resulting in cracking, spalling or delamination of
the concrete cover. This makes it easier for aggressive agents to seep through the
concrete towards the steel, with a subseguent increase in the rate of corrosion. In
other words, once corrosion starts, it will accelerate,
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With the exception of mechanical damage, all the adverse influences on the
durability of concrete involve the transport of fluids or ions through the concrete.
There are four fluids/ions principally relevant to the durability of concrete: water,
oxygen, carbon dioxide and chloride ions. They can move through conerete in
different ways:

«  permeation (flow under pressure gradient);

o diffusion (flow under concentration gradient);

o sorption (flow under capillary suction).

As sorption is normally insignificant, the major factors influencing the durability
are the permeability and diffusivity of the concrete.

Permeation and diffusion are dependent on the size, porosity and connectivity of
the pores. Since the same geometric factors influence both permeation and
diffusion, permeability and diffusivity are inter-related and it may be said that
when the permeability is high the diffusivity is also likely to be high and vice
versa. Test results have shown that they are roughly proportional to each other
and consequently they are often loosely treated as equivalent {the common
practice of referring to the permeability of concrete to carbon dioxide or chloride
ions is actually wrong because it is the concentration gradient, not the pressure
gradient, that drives the carbon dioxide or chloride ions through the concrete).

However, unlike permeation, the diffusion of gases or ions through concrete of
any porous medium is sensitive to the relative humidity or the degree of
saturation of the pores. The diffusion of gases, such as oxygen and carbon
dioxide, through dry pores is much faster than through wet pores or through the
pore water. In contrast, the diffusion of ions, such as chlorides and sulphates,
takes place only through the pore water and thus ionic diffusion is possible only
when the pores are saturated or at least partially saturated.

There are several different types of pores in concrete: gel pores, capillary pores
and air voids in the hardened cement paste and pores in the rock aggregate, each
of different size and therefore contributing differently to the overall permeability/
diffusivity of the concrete. Among these, the gel pores, because of their minute
size (9 nm in diameter), have basically no effect. The permeability/diffusivity is
dependent also on the connectivity of the pores. Since the air voids are usually
isolated (except in honeycombs), they also have little effect. Relatively, the
capillary pores, which are much larger in size compared to the gel pores and are
generally inter-connected in the form of capillaries, have the greatest effect on
permeability/diffusivity.

Since the capillary pores are essentially the original space occupied by the free
water in the concrete mix remaining unfilled by gel products, the amount of
capillary pores in the concrete is dependent mainly on the water/cementitious
ratio and the degree of hydration (in turn, degree of hydration is dependent on
curing). A sufficiently low water/cementitious ratio together with good curing
will produce a concrete with a relatively low permeability/diffusivity for high
durability. The addition of supplementary cementitious materials (i.e, pozzolanic
materials), such as pulverized fuel ash and condensed silica fume, can also help
to reduce the permeability/diffusivity of the concrete.
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On the specification of concrete for durability, the British Standard BS&110: Part
1: 1997 refers extensively to another British Standard BS5328. In this regard, it
is noteworthy that EN206 has replaced the British Standard BS5328, which has
now been withdrawn. However, as EN206 generally deals with concrete mixes
based on cylinder strengths - the norm in Europe, the British Standards Institution
has produced an accompanying code of practice BSE500, which interprets the
recommendations of EN206 in terms of cube strengths. Therefore, where
reference is made 1o EN206, the accompanying British Standard BSE300 should
also be referred to.

4.2.2  Design for durability

Apart from specifying the right materials to be used and appropriate concrete

covers to be provided, the other issues to be considered include:

{a) designing the structure to minimize uptake of water or exposure o moisture;

{b) designing the structure to avoid non-structural cracking;

{¢) designing the structure to minimize structural cracking;

{d) adding, where necessary, crack distribution reinforcement to control crack
widths;

{e) providing, if necessary, additional protection measures such as cathodic
protection, protective coating to the concrete structure andfor protective
coating to the steel reinforcing bars ctc.

Since many processes of deterioration of a reinforced concrete structure ocecur
only in the presence of water or moisture, it is important to design the structure to
avoid ponding and rundown of water, In other words, as far as practicable, the
structure should be designed to have good drainage everywhere in the structure
including both external and internal areas. In this regard, allowance should be
made when necessary to compensate for the effect of long-term deflection of the
structure by applyving pre-cambering or by increasing the drainage fall. If
ponding/rundown of water is somehow unavoidable, such as in bathroom or
] kitchen areas, considerations should be given to the possibility of providing
waterproofing. At locations likely to remain damp for long periods of time, e.g.
at confined places where moisture tends to be trapped or near drainage pipes
which may have future leakage problems, it may be prudent to provide exira
concrete cover to the steel reinforcement.

As mentioned before, non-structural cracks are due to sedimentation, shrinkage
or thermal movement of the concrete, which if restrained, would induce tensile
stresses large enough to cause cracking. Non-structural eracks can appear during
the plastic, curing and long-term stages. Those appearing during the plastic stage
include plastic settlement cracks (due to external restraint of the sedimentation
movement of the fresh concrete mix by the reinforcing bars and the formwork)
and plastic shrinkage cracks (due to self-restraint of the drying shrinkage
movement of the top surface of the fresh concrete because of rapid evaporation).
Plastic cracking can generally be avoided by improving the mix design of the
concrete (basically reducing the water content and increasing the fine powder
content) so as to reduce sedimentation and by shielding the top surface of the
fresh conerete from direct sunshine and wind so as to prevent rapid evaporation.
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Non-structural cracks appearing during the curing stage are mainly early thermal
cracks. They are due to internal or external restraints against the thermal
movement of the concrete as the temperature of the concrete changes due to the
heat generated from the chemical reactions of the cementitious materials.
Internal restraint (also called self-restraint) is the major cause of cracking in
massive concrete structures while external restraint is the major cause in concrete
structures cast against rigid movement restraints. If internal restraint is the major
cause, then insulation would help to reduce thermal cracking. However, if
external restraint is the major cause, no insulation should be applied as insulation
would actually aggravate the problem. Many engineers do not distinguish
between the two types of restraints and specify insulation to be applied in all
cases. This practice is wrong and is the root cause of many early thermal
cracking problems in Hong Kong. In any case, regardless of whether internal
andfor external restraints exist, internal cooling by air/water/liquid nitrogen
would help to mitigate the early thermal cracking problem, but most contractors
do not like this because of the trouble and cost involved, especially if the cooling
is not separately priced for as a bill of quantity item by itself. Apart from
applying internal cooling, the thermal cracking problem may also be mitigated to
some extent by emploving a concrete mix (one with a substantial portion of the
cement replaced by pulverized fuel ash or ground granulated blastfurnace slag)
that would generate less heat during curing. A detailed discussion on whether or
not insulation should be applied is available in the following article:

Kwan AKH. and Ng LY.T.,, “Avoidance of early thermal cracking in concrete
structures: to insulate or not to insulate?, Hong Kong Engineer, February, 2004,
ppl5-16.

Non-structural cracks appearing during the long-term stage include thermal
movement cracks and shrinkage movement eracks. They are due to the thermal/
shrinkage movement of the concrete structure being restrained by rigid walls or
supports. Such kind of cracking is a common problem for long podium structures
with several tower blocks on top supported by rigid core walls, which form parts
of the podium structures and restrain the thermal/shrinkage movement of the
podium decks. One way of alleviating the problem is to provide movement
joints. If shrinkage movement is the major cause of cracking, then the provision
of late-cast sirips and the addition of shrinkage reducing agent to the concrete
mix should also be considered as possible mitigation measures.

On the other hand, structural cracks are due to tensile stresses developed in the
concrete resulting from the applied loads. They are almost unavoidable, unless
the structure is to be completely redesigned or prestressed, which is usually not
practicable. Nevertheless, the crack widths can be controlled by limiting the
tensile stresses developed in the concrete and by proper reinforcement detailing,

Regarding the addition of crack distribution reinforcement for controlling crack
widths, it should be noted that it does not stop cracking of the concrete; it only
distributes the cracks so that there will be more cracks formed each with a
smaller crack width,

For the additional protection measures, which have not been covered in the code,
specialist literature should be consulted.
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The exposure conditions are classified in the new code as:

Exposure condition 1 —mild {based on environment)
Exposure condition 2 - moderate  (based on environment)
Exposure condition 3 — severe {based on environment)

Exposure condition 4 — very severe (based on environment)
Exposure condition 5 — abrasive  (based on mechanical wear and tear)

The above classification system is based on the guidance given in BS8110 and
EN206. However, the principles of classification have been modified to reflect
the local conditions (e.g. freeze/thaw exposure and de-icing salts exposure are not
of concern in Hong Kong whereas conditions of high humidity and marine
environment are). Moreover, the number of exposure conditions based on
environment has been reduced for simplification. In BSE110, there are five
exposure conditions classified according to the environmental conditions: mild,
moderate, severe, very severe and extreme, but in the new code, there are only
four exposure conditions classified according to the environmental conditions:
mild, moderate, severe and very severe., Therefore, the mild, moderate, severe
and very severe exposure conditions in the new code are not quite the same as the
corresponding exposure conditions in BS8110. For example, the mild condition
{exposure condition 1) in the new code covers slightly more than just the mild
condition in BSB110 or the condition XC1 in EN206, as the exposure condition 1
in the new code applies also to concrete surfaces inside buildings protected from
the effects of condensation or humidity (a normal condition of Hong Kong
buildings), which i1s similar to the condition XC2 in EN206. Consequently, the
durability requirements of the respective exposure conditions in the new code are
slightly different from those in BS8110.

Cover

The concrete cover to the steel reinforcement serves the following functions:

to protect the steel against corrosion;

to protect the steel against fire;

to provide sufficient embedment for safe transmission of bond forees;

to allow the coarse aggregate particles of the concrete mix to pass through

the gap between the mould and the steel reinforcement;

= to allow for unevenness of the surfaces that the concrete will be cast against
and future changes in dimensions due to surface treatments such as bush
hammering.

Because of the multi-functions of the concrete cover, corrosion protection is only

one of the considerations in specifying the required concrete cover,

As in BS8110, the nominal cover concept is used. Mominal cover is the design
depth of concrete cover to all steel reinforcement, including links. It is the
dimension used in design and indicated on the drawings. The actual cover 1o all
reinforcement should not be less than the nominal cover minus 5 mm. Such an
approach is adopted to ensure that during construction, an adequate mimmum
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cover to reinforcement, which is paramount for corrosion protection, can be
achieved. The nominal cover specified in the new code is therefore not the
minimum cover as stipulated in Building (Construction) Regulations or Code of
Practice for Structural Use of Concrete: 1987. There is a 5 mm difference
between nominal cover and minimum cover.

The required nominal covers for corrosion protection under different exposure
conditions are specified in Table 4.2 of the code. Along with the required
nominal cover, the lowest grade of concrete, the maximum free water/cement
ratio and the minimum cement content are also given in the table. It should be
noted that the nominal cover, lowest grade of concrete, maximum water/cement
ratio and minimum cement content together form a “package™. They all have to
be specified and checked for compliance at the same time.

Taking into account the slight difference in the classification of exposure
conditions, the nominal cover, maximum water/cement ratic and minimum
cement content ete specified in Table 4.2 of the code are generally in line with the
recommendations given in EN206, BS8500 (the British Standard that
accompanies EN206 and adapts it for specification in terms of cube strengths)
and the report “Specifying concrete to BSEN206-1/BS8500” published by the
UK Quarry Products Association.

In Hong Kong, concrete suppliers tend to use higher cement content and lower
water/ecement ratio than required. Consequently, the concrete strength achieved is
usually higher than the specified strength. Given the relatively small difference
in cost, such an approach is prudent to ensure the provision of an adequate safety
margin to the concrete strength. As a result, a higher concrete strength is usually
available that can be beneficial for protecting the steel reinforcement against
COITOS10Mn.

The addition of supplementary cementitious materials (also called mingral
admixtures, such as pulverized fuel ash, ground granulated blastfurnace slag and
condensed silica fume etc) to conerele mixes is becoming increasingly popular.
Addition of these supplementary cementitious materials can improve the overall
performance of the concrete and should be encouraged. Although not explicitly
stated, any such supplementary cementitious materials added may be counted
towards the cement content for satisfying the maximum water/cement ratio and
minimum cement content requirements stipulated in Table 4.2, In actual fact, it
has heen stated in Clause 4.2.6.3 of the code that when pulverized fuel ash is
used, the total content of cement plus pulverized fuel ash should be at least as
great as the values given in Tables 4.2 and 4.4 and that in these tables, the word
“eement” in “cement content” and “water/cement ratio” means the total content
of cement plus pulverized fuel ash, or in other words, the total cementitious
materials content. This point should be noted when checking compliance with
Tables 4.2 and 4.4,

The addition of plasticizer or superplasticizer to concrete mixes is also becoming
gquite popular, Addition of these admixtures can improve the workability of the
concrete mix and allow the water/cement ratio or cement content of the concrete
mix to be reduced for the same workability requirement. The mimmum cement
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content requirement is to ensure proper consolidation of the concrete mix.
However, with the addition of plasticizer or superplasticizer, a good workability
can be achieved at relatively low cement content. Hence, the mummum cement
content should be dependent on whether plasticizer or superplasticizer has been
added. Pending more research studies to provide experimental support, the
minimum workability of the concrete mix should be specified instead.

Although the exposure condition 4 (very severe environmental condition) in the
new code embraces also marine environment, for the specification of marine
concrete (i.e. concrete for use in marine environment), the Recommended
Specification for Reinforced Concrete in Marine Environment in the Port Works
Design Manual: Part 1: 2002 may also be considered. In this recommended
specification, the requirements for nominal cover, lowest grade of concrete,
maximum water to total cementitious materials ratio and cementitious materials
content are 75 mm, C45, 0.38 and 380-450 kg/m® respectively. Except for the
required lowest grade of concrete, these requirements are similar to or slightly
more stringent than the respective requirements in the new code. In fact, based
on the author’s own experience, the restriction of the water to total cementitious
materials ratio at not higher than 0.3% would lead to a concrete grade of at least
50, which is actually in line with the new code.

Concrete materials and mixes

Under certain specific conditions, the code allows the lowest concrete grade to be
reduced by not more than 5 provided the maximum watercement ratio and
minimum cement content requirements are proven to have been met and allows
the minimum cement content to be reduced by not more than 10% provided the
corresponding water/cement ratio i5 reduced by not less than the percentage
reduction in the cement content. Tighter quality control and a more systematic
checking regime are required when these reductions are to be applied. These
allowable reductions are derived mainly from BS8110. In Hong Kong, there
should be no particular difficulties in achieving the required strength grade and
minimum cement content. Hence, in practice, there is seldom the necessity to
make use of these allowable reductions.

When the maximum aggregate size is smaller than or larger than 20 mm, the code
requires the minimum cement content to be adjusted uwpwards or downwards,
respectively. As mentioned before, this is to ensure proper consolidation of the
concrete mix. However, since the workability of the concrete mix can always be
improved by adding plasticizer/superplasticizer, there is no longer the necessity
to impose any minimum cement content requirement. Pending more research
studies to provide experimental support, the minimum workability of the concrete
mix should be specified instead. Such performance specification would allow
more flexibility on the side of the concrete producer and easier control on the side
of the engineer responsible for site supervision,

In the new code, the addition of pulverized fuel ash (PFA) up to 35% of the total
cementitious materials content is allowed. Although the Practice Note PNAPS0
limits the amount of PFA to 25%, a number of specifications wrnitten in Hong
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Kong have higher permissible levels of PFA. Both the Housing Department and
MTRC specifications have been allowing the addition of PFA up to 35% for quite
some time. As concretes produced in accordance with these specifications have
been performing satisfactorily, it is considered appropriate to increase the
permissible level of PFA to 33%.

On one hand, the addition of PFA can reduce the permeability/diffusivity of the
concrete by converting the soluble lime (a by-product of the chemical reaction
between cement and water) in the concrete to further gel products. On the other
hand, it may also reduce the alkalinity of the concrete, which is needed for
maintaining the passivation protection to the steel reinforcement, Overall, the
durability performance of concrete made with PFA is about the same as that of
concrete made without PFA, provided the concrete with PFA iz of the same
strength grade as the conerete without PFA. However, concrete with PFA added
generally develops strength at a slower rate and requires a longer period of
curing. More attention to the curing and removal of formwork is required with
concrete mixes containing PFA.

Mix proportions

As a basic principle, the total cementitious content is limited to not more than 550
kg,-'m]‘ in order to maintain a high dimensional stability (i.e. small changes 1n
dimension due to early temperature rise during curing, drying shrinkage at the
long-term stage and creep under sustained loading).

For normal concrete, ie. f, = 60 W/mmZ, which is relatively easy to produce
without the use of a high total cementitious content, the above maximum limit of
550 kg/m’ should be strictly applied and should not be exceeded unless there is a
proven need and special considerations have been given to the risks of early
thermal and drying shrinkage cracking and to the possible adverse effects of

creep.

For high-strength concrete, ie. f, =60 N/mm?, which is generally more difficult
to produce and requires the use of a higher total cementitious content, the
imposition of the above maximum limit of 550 kg/m’ might be too restrictive.
Nevertheless, if the total cementitious content has to exceed 550 kg/m’, special
considerations should be given to the risks of early thermal and drying shrinkage
cracking and to the possible adverse eifects of creep. Moreover, under normal
circumstances, the cement content (note: not the total cementitious content)
chould be limited to not more than 450 kg/m’.

Regardless of whether the total cementitious conient of the concrete mix is on the
high side or not, it is recommended that for massive concrete slructures,
temperature rise evaluation test should be carried out to determine the
temperature rise of the concrete, for long concrete structures, drying shrinkage
test should be carried out to determine the ultimate shrinkage strain of the
concrete, and for concrete structures likely to be afTected by creep effects, creep
test should be carried out to determine the creep coefficient of the concrete,
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4.3

Since the presence of chloride in concrete may cause de-passivation of the steel
reinforcement and may affect the sulphate resistance of the concrete, it is
necessary to control the chloride content in the concrete mix. No admixture
containing any chloride should be used. The total chloride content in the
concrete mix, expressed as a percentage of chloride ion by mass of the total
cementitious materials content (including both cement and PFA), should not
exceed 0.1, 0.2 and 0.35 for prestressed concrete or steam-cured concrete,
concrete made with sulphate resisting cement, and concrete containing steel or
other metals, respectively. These values are slightly more stringent than those
permitted in BS8110: Part 1 (same as those in BS3328) and EN206 and are
specifically developed to cater for the aggressive environment in Hong Kong.

Though not common, deleterious chemical reactions between the aggregate
particles and the surrounding hardened cement paste, leading to disruption and
cracking of the concrete, have been observed in Hong Kong. The most common
chemical reaction is that between the active silica constituents of the aggregate
and the alkalis in the cement. Such reaction is called alkali-sifica reaction.
Another type of deleterious aggregate reaction is that between some dolomite
limestone aggregates and the alkalis in the cement. This is called alkali-
carbonate reaction. Any aggregate that may be susceptible to alkali-silica
reaction or alkali-carbonate reaction (collectively known as alkali-aggregate
reaction) should not be used. The risk of alkali-aggregate reaction may be
reduced by:
e limiting the amount of alkalis in the concrete mix, and
« adding pozzolanic materials such as pulverized fuel ash and condensed silica
fume, which react with the lime in the concrete and thereby consume part of
the alkalis.
The guidelines given in the code are based on the Practice Mote PNAP180.

Requirements for fire resistance

The Code of Practice for Fire Resisting Construction is referred to regarding the
nominal cover and minimum dimensions of members required for fire resistance.

Because of its low permeability to water and vapour, a high-strength concrete
subjected to prolonged heating during fire tends to have a high vapour pressure
developed within its pores. Hence, high-strength concrete is more susceptible to
spalling failure than normal-strength concrete during fire attack, The Hong Kong
Polytechnic University has conducted experimental studies on the fire resistance
of high-strength concrete and the risk of spalling has been highlighted. Possible
methods to prevent spalling include: addition of a wire mesh with a nominal
cover of 15 mm to wrap round the concrete member, provision of a protective
covering layer, and inclusion of monofilament propylene fibres in the concrete
mix. Specialist literature should be consulted and testing may be required to
demonstrate the performance of the fire resisting design of high-strength concrete
slructures,
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STRUCTURAL ANALYSIS

General provisions

(ieneral provisions

For analysis of structure, the properties of materials may be assumed to be those
associated with their characreristic siremgths (note: not the design strengths),
irrespective of which limit state is being considered. The reason behind is that
the characteristic strengths are more realistic estimates of the actual strengths of
the materials. Although 5% of the materials may have their strengths lower than
their characteristic strengths, about 95% of the materials should have their
strengths higher than their characteristic strengths. Hence, on average, the actual
strengths of the materials should be quite close to, if’ not higher than, their
characteristic strengths. The purpose of analysis of structure is to determine the
internal force distributions, which are dependent on the actual properties of the
materials. Use of conservative estimates {or factored down estimates) of the
actual strengths of the materials in analysis of structure does not necessarily yield
an internal force distribution that is on the safe side for design. For instance, the
use of a relatively small stiffness of a beam calculated from conservative
estimates of the strengths of the materials in analysis of structure would tend to
underestimate the internal forces induced in the beam thereby leading to unsafe
design of the beam.

For analysis of sections, the properties of materials should be assumed to be those
associated with their design sirengrhs (i.e. the characteristic strengths divided by
respective material safety factors) appropriate to the limit state being considered.
The reason is that although the average strengths of the materials should be close
to, if not higher than, their characteristic strengths, locally, at a given section,
there is a 5% probability that the strengths of the materials are lower than their
respective characteristic strengths. Hence, to be on the safe side, the design
strengths should be used in analysis of sections.

The structural model to be used for analysis should truly represent the actual
behaviour of the structure as far as practicable. If there are uncertainties in any of
the structural parameters, such as lack of fitness, extent of cracking, and soil and
water pressures etc, the possible ranges of the structural parameters should be
estimated and the analysis of structure carried out repeatedly using different
combinations of possible values of the structural parameters, This is to ensure
that the worst scenario could be catered for in the design.

In stage-by-stage construction, the construction sequence and schedule could
have significant effects on the behaviour of the structure. These effects could
arise from the deformation/movement of the partially completed structure due to
permanent and/or temporary loading, prestressing, thermal expansion/contraction,
drying shrinkage or creep. Any such effects should be fully allowed for by
simulating the construction sequence and schedule in the analysis of structure.
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5.1.2 Methods of analvsis

As stated in the code, the objective of analysis of structure is to determine the

distribution of intemmal forces that are in equilibrium with the design loads for the

required load combinations. The following two points should be noted:

{a) the internal forces must be in equilibrium with the applied loads; and

(b} the applied loads are to be taken as the design loads (i.e., the charactenistic
loads multiplied by the load safety factors).

Whatever method used and no matter how rigorous or sophisticated the method is
claimed to be, the equilibrium condition everywhere in the structure, i.e. within
every member and at every joint, must be satisfied. There is no compromise on
this fundamental condition. This is particularly important when computer
methods are used for the analysis. For example, when applying the finite element
method to the analysis of structures, it should be borne in mind that the accuracy
of the numerical results is dependent on the fineness of the finite element mesh
employed to model the structure. The finite element method is an approximate
method and the numerncal results converge to the correct results only when the
mesh size is reduced to nearly zero. If a coarse mesh is employed to model the
structure, the computer results may not have sufficient accuracy (however, the
author has seen some engineers using very coarse meshes for finite element
analysis without ever checking the convergence of the numerical resulis).
Moreover, the stresses evaluated from the shape functions of the elements are not
necessarily in equilibrium with the applied loads. Nevertheless, if the mesh used
is fine enough to obtain convergent results, the stresses evaluated from the shape
functions are nearly in equilibrium with the applied loads. Hence, it should be a
good practice to ascertain the correctness and accuracy of the finite element
analysis results by manually checking whether the global eguilibrium of the
structure and the local equilibrium of the key elements in the structure are
satisfied. Such practice can also help to identify mistakes in data entry.

In the analysis of structure, although the properties of materials (for the purpose
of structural modelling) are to be taken as those associated with their
characteristic strengths, the applied loads are to be taken as the design loads.
They are not incompatible because the characteristic strengths are actually better
estimates of the actual strengths than the design strengths. The design strengths
are only used for analysis of sections to cater for the possibility of having locally
substandard materials in the structure.

In ULS design, redistribution of forces and moments within the structure for the
purpose of exploiting the plastic capacity of the structure (when a section of the
structure yields, the structure would not normally fail immediately but the
additional forces acting on the yielded section would be redistributed to the other
unyielded sections until a collapse mechanism is formed) is allowed provided it
can be shown that all the yielded sections have sufficient duetility to withstand
the plastic deformation so caused until the structure collapses. For checking
whether such ductility demand can be met by all the yielded sections, a rigorous
limited ductility elasto-plastic analysis is needed. Nevertheless, the redistribution
of forces and moments explicitly permitied in Chapler 5 of the code may be
applied without resorting to such rigorous limited ductility analysis.
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In SLS design, a linear elastic analysis would normally suffice. Three methods of
evaluating the section stiffness of the members are given in the code. They are
all regarded as acceptable but a consistent method should be applied to all
members of the structure. This is because if the method used to evaluate the
section stiffness tends to overestimate the section stiffness, it would overestimate
the section stiffness of all members so that the relative stiffness of the members
would remain more or less the same. In the analysis of structure for internal
force distribution, it is the relative stiffness of the members that matters, not the
ghsolute values of the section stiffness of the members. However, if the analysis
of structure is to determine the maximum deflection, then there will be a small
difference in the deflection results when different methods are used to evalvate
the section stiffness.

Load cases and combinations

The load combinations to be considered in the design of beams and slabs and in
the design of columns and walls have been given in the code for the relatively
simple cases only.

For more complicated cases, such as beams subjected to moment, shear and
torsion, columns subjected to axial load and biaxial bending, core walls subjected
to axial load, biaxial bending and torsion, and frames with bracing members ete,
no general guidance can be given. The design engineer will have to exercise
his/her own judgement on the load combinations to be considered in the design so
that no critical loading case is omitted.

It should be noted that the load combinations for the design of beams and slabs

specified in the new code are not the same as those given in BS8110 or Eurocode

2. In BS8110, the load combinations to be considered are:

{a) all spans loaded with the maximum design load; and

(b) alternate spans loaded with the maximum design load and all other spans
loaded with the minimum design load.

In Euracode 2, the load combinations to be considered are:

(a) alternate spans loaded with the maximum design load and all other spans
loaded with the minimum design load; and

(b) any two adjacent spans loaded with the maximum design load and all other
spans loaded with the minimum design load.

In the new code, the load combinations to be considered are:

{a) all spans loaded with the maximum design load;

(b) alternate spans loaded with the maximum design load and all other spans
loaded with the minimum design load; and

(¢) any two adjacent spans loaded with the maximum design load and all other
spans loaded with the minimum design load.

Particular attention should also be paid to the load combinations for the design of
columns and walls specified in the new code. In both BSE110 and Eurocode 2,
there is no recommendation on the load combinations to be considered, but in the
new code, the following load combinations are recommended:

(a) maximum axial load combined with coexistent bending moment;
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(b} minimum axial load combined with coexistent bending moment;

{c) maximum bending moment combined with coexistent axial load; and

(d) any other coexistent combinations of axial load and bending moment which
will be more critical than the above cases.

Imperfections and second order effects

The second order effects are not expected to be significant at the SLS, Hence,
these only need to be considered at the ULS. The requirement and method of
incorporating the second order effects in the analysis of structure are stipulated in
Section 5.3 of the code and will be explained later in due course.

Analysis of structure

Idealisation of the structure

Rules for the classification of structural elements into the following types have
been provided:

¢  bheams/deep beams (based on CIRIA Guide No. 2);

*  slabs/one way slabs (same as in Eurocode 2);

#  ribbed/waffle slabs not treated as discrete elements (same as in Eurocode 2);
»  columns/walls (same as in Eurocode 2),

However, there are no rules for the classification of structural elements into core
walls, coupling beams, arches and shells etc.

Apart from the above, the provisions given in Clause 5.2.1 of the code are the
same as those given in Clause 5.3.1 of Eurocode 2.

For T and L beams, a formula for evaluating the effective flange width b, over
which uniform conditions of stress can be assumed, has been provided as follows:

'!JI:F = iﬂﬂ-‘ﬁ.l + bw

=1

where b, = 025 +0.11 <02/ and by, < k. The effective flange width is

to allow for shear lag in the flange, which causes decreasing bending stress away
from the web. Note that the effective flange width &5 15 dependent on the type

of loading, span length and support conditions because the distance between
points of zero moment [, is dependent on these parameters.

A formula for evaluating the effective span / of a beam or slab has also been
given in the code as follows:

=1 +a +a
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where [ is the clear distance between the faces of the supports, and a, and q,
are cach equal to min.(h2, S./2) at the respective end of the span. However, it
should be noted that these effective spans are provided mainly for member
analysis (i.e. for analysing the bending moment and shear force along the beam or
slab when subjected to vertical load only). For frame analysis, the code states
that these assumed effective spans should be used only where appropriate. It is
suggested herein that for frame analysis, the effective span of a beam or slab
spanning over two adjacent supports should be taken as the distance between the
centrelines of the two adjacent supports.

For any support, unless rotational restraint has been properly provided (and
structurally designed and detailed as such), the support should be considered as
not providing any rotational restraint and treated as a hinge support.

Where a beam or slab is monolithic with its supports 1o provide rotational
restraints, the critical design moment at the support may be taken as that at the
face of a rectangular support, or at 0.2 ¢ inside the face of a circular support of
diameter ¢, but should not be taken as less than 0.65 of the full fixed end

moment, as shown in Figure 5.1,

¢

A - Bending moment diagram
Full fixed | 55+
end moment | \<r Critical design moment

Mote: Critical design moment
should not be taken as less than
(.65 of full fixed end moment

Figure 5.1 Critical design moment at a monolithic support

Where a beam or slab is spanning continuously over a support, which may be
considered as not providing any rotational restraint, the design support moment,
calculated on the basis of a span equal to the centre-to-centre distance between
supports, may be reduced by an amount AMy, as follows:

AM ey = Fogop 5, (8




in which Fg,, is the design support reaction. The value of AMy, is estimated
by assuming that Fp,. is uniformly distributed across the width 5, of the

support, as illustrated in Figure 5.2.

| /\!< P dﬁlzgdr;t:ng moment m
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Supporling element “I
treated as a hinge support g

FEd.sup
Reaction assumed 1o be 1
uniformly distributed 1
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Figure 5.2 Reduction of design support moment

522 Analysis of sections for ultimate limit states

For analysis of sections at ULS, the “plane sections remain plane™ assumption
may be adopted. Based on this assumption, the bending strain (of both the steel
and concrete) within a section varies lincarly across the section (note however
that the stress-strain relationships are not linear). Basically, the bending strain of
a longitudinal fibre (whether stecl or concrete) is directly proportional to the
distance of the fibre from the neutral axis,

The strength of a section under both short- and long-term loading may be
assessed using the stress-strain curves derived from the design strengths of the
materials as given in Sections 3.1, 3.2 and 3.3 of the code.
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5.2.5

Analysis of sections for serviceability limit states

For analysis of sections at SLS, the “plane sections remain plane” assumption
may be adopted. In addition, it may be assumed that both the steel and concrete
remain elastic so that their stress-strain relationships are linear, Since the
bending strain of a longitudinal fibre is directly proportional to the distance of the
fibre from the neutral axis and the stress-strain relationships are linear, the
bending stress within a section should vary linearly across the section and should
be directly proportional to the distance from the neutral axis.

Simplifications

Monolithic frames may be simplified into sub-frames, continuous beams or sway-
frames, as outlined in Clauses 5.2.5 and 5.2.6 of the code and explained below.

Monolithic frames not providing lateral restraint

For a monolithic frame not providing lateral restraint, only the vertical loads need
to be considered. It may be analysed as a series of sub-frames, each for the
purpose of analysing the beams at one level only, so that the analysis can be
carried out on a level-by-level basis. Each sub-frame consists of the beams at the
level being considered together with the columns above and below, if any, as
shown in Figure 5.3. Each end of the columns remote from the beams may
genetally be assumed to be fixed unless a pinned end is clearly more reasonable.

As an alternative, a monolithic frame not providing lateral restraint may also be
analysed as a series of simplified sub-frames, each for the purpose of analysing
an individual beam only, so that the analysis can be carried out on a beam-by-
beam basis, Each sub-frame consists of the beam being considered, the columns
attached to the ends of the beam and the other beams on either side, if any, as
shown in Figure 5.4. Each end of the columns and heams remote from the beam
being considered may generally be assumed to be fixed unless a pinned end is
clearly more reasonable. The stiffness of the other beams on either side of the
beam being considered should be taken as half their actual values if they are
taken to be fixed at their outer ends.

As another alternative, a monolithic frame not providing lateral restraint may also
be analysed as a series of continuous beams, each for the purpose of analysing the
heams at one level only, so that the analysis can be carried outon a level-by-level
basis. Each continuous beam consists of the beams at the level being considered
spanning over supports not providing any rotational restraint, i.e. hinge supports,
as shown in Figure 5.5, Where the beams at one level have been analysed as a
continuous beam, the moments in the columns attached to the beams may be
calculated by applying simple moment distribution procedures at the beam-
column joints, on the assumption that the ends of columns and beams remote
from the joint under consideration are fixed and that the beams possess half their
actual stiffness. It should be noted that the eritical load combinations for the
design of columns are in general different from those for the design of beams.
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Figure 5.4 Simplification into sub-frames for analysis on beam-by-beam basis
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Figure 5.5 Simplification into continuous beams and sub-frames

526 Frames providing lateral stability

For a monolithic frame providing lateral stability to the structure as a whole (or in

other words, helping to resist the lateral loads), the horizontal loads acting on the

frame and the resulting sway need also to be considered. In addition, if the :
columns of the frame are slender, the additional moments arising from the F-A
effect should be imposed.

The analysis of the frame may be simplified by considering the effects of the
vertical loads and the effects of the horizontal loads separately, and then .
superimposing the effects of the vertical loads and the effects of the horizontal 1
loads together to obtain the individual member forces. For the analysis of the 3
frame subjected to vertical loads only, the same procedures as for a monolithic
frame not providing lateral restraint may be applied (e.g. simplifying the frame
nto sub-frames or continuous beams). For the analysis of the frame subjected to
horizontal loads only, the frame may be simplified into a sway-frame by
incorporating hinges at the points of contraflexure of all the beam and column
members (the point of contraflexure of a beam or column may be assumed to be
located at the centre of the member if the member is rigidly connected at both
ends to the other parts of the structure or at the lower end of the member if the .
member is a ground floor column pinned at the ground level), as shown in Figure
5.6. 3
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Figure 5.6 Simplification into a sway-frame

In a tall building, one or more shear/core walls should have been incorporated to
help resist the lateral loads and to provide partitions and enclosures for the
utilities, lifts and staircases etc. 'With the co-existence of shear/core walls and
frames, complex wall-frame interaction would oceur and it is not easy to directly
determine the amount of horizontal loads that could act on the frame part of the
building. Wall-frame interaction oceurs mainly because the deflection mode of a
wall and the deflection mode of a frame are very different. For example, when a
uniform wall is subjected to a horizontal point load at top, its deflection would
increase with height as a cubic polynomial function, but when a uniform frame is
subjected to a horizontal point load at top, its deflection would increase with
height as a linear function. As the deflections of the wall and the frame parts of
the building are constrained to be equal by the high in-plane rigidity of the floor
slabs, there would be shear transfer between the wall and the frame parts of the
building. Roughly speaking, near the top of the building, the storey shear would
be transferred mostly to the frame part so that the wall part would be subjected to
little storey shear, whereas toward the bottom, the storey shear would be
transferred mostly to the wall part so that the frame part would be subjected to
little storey shear. For more detailed explanations and in-depth analysis, the
following book is recommended (the whole of Chapter 11 of the book is on this
topic):

Stgffird Smith B. and Coull A., Tall Building Structures: Analysis and Design,
John Wiley & Sons, Inc., 1991, 537pp.
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Because of wall-frame interaction, the horizontal loads are not distributed to the
wall and frame parts of the building in direct proportion to their relative lateral
stiffness. There are, in fact, no simple methods for analysing the wall-frame
interaction and the distribution of horizontal loads to the various parts of the
building structure. The only realistic way of analysing the lateral behaviour of a
composite wall-frame structure is by means of computer analysis using either the
frame analogy or the finite element method.

Hence, although the code allows the analysis of a frame subjected to horizontal
loads only to be carried out by simplifying the frame into a sway-frame, the
author does not recommend this overly simplified method to be applied whenever
there is any wall in the building. Nevertheless, the practice of considering the
effects of the vertical loads and the effects of the horizontal loads separately, and
then adding the effects of the vertical loads and the effects of the horizontal loads
together to obtain the individual member forces is still applicable, despite the
complexity due to wall-frame interaction.

Slabs

Provisions for the analysis of slabs are given in Chapter 6 of the code and will be
explained later in due course.

Corbels and nibs

Provisions for the analysis of corbels and nibs are given in Chapter 6 of the code
and will be explained later in due course.

Redistribution of moments

The provisions in the new code for redistribution of moments are similar to those
given in BS8110: Part 1: 1997, except that an upper limit to the concrete grade
beyond which no redistribution of moments is allowed has been set and that the
requirement of limiting the neutral axis depth of the member to a smaller value
when a higher strength concrete is used has been incorporated.

For redistribution of moments to be applied to an internal moment distribution

obtained by elastic analysis, the following conditions must be satisfied:

Condition 1. Equilibrium between internal and external forces is maintained,

Condition 2. Where the design ultimate resistance moment has been reduced,
the section subjected to largest moment meets the following:

xid < (g, —0.4) for £ <40 N/mm’
xid< (g8, —0.5) for 40 N'mm® < £, <70 N/mm®
moment after rﬂdistribmipl

moment before redistribution
Condition 3. At any section, the design ultimate resistance moment s at least
T0% of maximum moment before redistribution.

in which g, =
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In addition to the above, for members in a frame providing lateral stability, the
redistribution of moments is limited to 10% (ie. f, = 90%), and the design

ultimate resistance moment at any section should be at least %0% of the
maximum moment of the section before redistribution.

Second order effects with axial loads

Second order effects should be taken into account wherever the lateral deflection
of the structure could affect the load distribution and equilibrium of any part of
the structure. They are more likely to occur in slender elements subjected to axial
loads such as columns, walls and piles subjected to vertical loads, arches
subjected to both axial compression and bending moment, and plates (plates
include slabs) and shells subjected to both in-plane compression and out-of-plane
bending.

To take into account the second order effects, the deformed state of the structure
should be used for the analysis of structure. Such analysis with the deformation
of the structure taken into account may be carried out in an iterative manner. At
the beginning, the deformation of the structure may be neglected and the analysis
of structure carried out with all the likely imperfections (such as initial curvature
and eccentricity) incorporated to determine an initial estimate of the deformation
of the structure. Then, using the initial estimate of the deformation of the
structure so obtained, the analysis of structure is carried out again for a better
estimate of the deformation of the structure. If the better estimate of the
deformation of the structure tums out to be significantly larger than the previous
estimate, the analysis of structure is repeated each time with the deformation of
structure updated until the deformation results converge to constant values.

It should be noted that after incorporating the second order effects. columns
originally designed for axial compression and uniaxial bending only might
become subjected to axial compression and biaxial bending and walls originally
designed for in-plane loads only might become subjected also to out-of-plane
bending.

Shear walls

Shear walls are defined as plain or reinforced concrete walls contributing to the
lateral stability of the structure. Care should be taken to differentiate shear walls
from infill panels in frames. Both shear walls and infill panels can be plain or
reinforced and thus they cannot be differentiated by just looking at whether the
wall panels are plain or reinforced. Infill panels are those wall panels in frames,
which serve as removable partitions and thus cannot be treated as contributing to
the lateral stability of the structure. Although, theoretically, infill pancls can be
structurally connected to the frames to act as structural elements contributing to
lateral stability, since tenants in Hong Kong like to repartition the floor areas by
knocking down the infill panels, it is better not to rely on infill panels to provide
lateral stability.
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3.6

The lateral loads acting on each shear/core wall should be obtained from a global
analysis of the strueture, taking into account wall-frame interaction, coupling
effects and eccentricities of the applied loads. The term “shear centre™ has been
referred to in the code, but in reality, due to warping restraints and coupling
effects, the shear centre of each shear/core wall varies in position with height and
is in general very difficult to define. Fortunately, most of the existing computer
analysis methods do not rely on the concept of shear centre and therefore there is
no need o determine the position of the shear centre any more.

As mentioned several times before, although shear walls are generally designed
to carry in-plane loads only, they may be subjected to out-of-plane loads due to
the application of accidental loading {a requirement for robustness design) and
probably also due to the second order effects arising from out-of-plane deflection
of the walls and the axial loads acting on the walls,

Transfer structures

Transfer structures are horizental elements, which transfer vertical loads from
vertical elements above laterally to other vertical elements below at different
positions. They are necessary wherever there are discontinuities in the vertical
elements, In the process of transferring the vertical loads laterally, the transfer
structures are themselves subjected to very large vertical shear loads and thus
have to be quite deep or thick.

Because of the large stiffness, a transfer structure is quite sensitive to the
differential axial shortening of the vertical elements supporting it. Hence, the
vertical loads should be transferred through the transfer structure to the vertical
elements below as uniformly distributed as possible. Where the interaction
between the transfer structure and the vertical elements below could be
significant, the transfer structure should be analysed together with the vertical
elements below as an integral structure, If there are shear walls above the
transfer structure, the local effects of the shear walls should also be considered.

When horizontal loads are transferred through the transfer structure, the vertical
elements above and below would be subjected to horizontal shear loads and
would therefore deflect laterally causing the development of large concentrated
moments at the joints between the vertical elements and the transfer structure.
Such concentrated moments should be considered in the design. Moreover, the
possible second order effects on the vertical elements due to sidesway of the
transfer structure should also be considered.

Precast elemenis

There is no additional guidance given in the code for the design of precast
elements. Basically, precast elements should be designed to the same standard as
the in-situ cast elements. If the construction sequence and schedule could have
significant effects on the behaviour of the structure, such effects should be fully
allowed for in the analysis of structure.
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6.1.2

ULTIMATE LIMIT STATES

Members in flexure

General

This section deals with the design of beams and various types of slabs. The
general requirements for the design of beams are given in Clause 6.1.2. These
requirements are applicable also to slabs. The additional requirements for slabs
are given in Clauses 6,1.3, 6.1.4 and 6.1.5.

Beams

The provisions given in the code are for the design of beams of normal
proportions only. Deep beams (span/overall depth ratio = 2 for simply-supported
beams and spanfoverall depth ratio £ 2.5 for continuous beams) have been
excluded entirely. For the design of deep beams, specialist literature should be
consulted.

To maintain lateral stability (i.e. to avoid lateral buckling of the compression
zone of the beam), the following slendemess limits need to be imposed:
 for simply-supported and continuous beams, the clear distance between

lateral restraints should not exceed the minimum of (605, or 25047 /d );

s  for cantilever beams with lateral restraint only at support, the distance
between the lateral restraint and the free end should not exceed the

mimimum of (25 & or 100 trf Ad )
in which &, 15 the breadth of the compression zone and 4 is the effective depth.

The provisions for the evaluation of the design resistance moment of beams are
given in the following:

Assumptions:

s  The strain distribution may be evaluated based on the “plane sections remain
plane after bending™ assumption.

®  The stresses in the concrete in compression may be derived using the stress-
strain curve given in Section 3.1 of the code with y, = 1.5, Alternatively,
the simplified stress block given in Figure 6.1 may be used.
The tensile strength of concrete is negligible,
The stresses in the steel reinforcement may be derived using the stress-strain
curve given in Section 3.2 of the code with »_ = 1.15.

e  The lever arm is not to be taken as greater than 0.95 times the effective
depth.

e  The effect of any axial load may be ignored if it does not exceed 0.1 7,

times the cross-sectional area.
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Figure 6.1 Simplified stress block for concrete at ULS

In BS&110: Part 1, the ultimate concrete strain &, for the flexural design of
normal strength concrete is taken as a constant value of 0.0035. Research by
both the UK Concrete Society and The University of Hong Kong has shown that
the ductility of concrete decreases with higher concrete strength. Hence, the
ultimate concrete strain needs to be reduced as the concrele strength increases.
The limitation on strain in Figure 6.1 is based on the research by The University
of Hong Kong, as published in the following paper:

Ho 1.C.M., Kwan AKH. and Pam H.I., “Ultimate concrete strain and equivalent
rectangular stress block for design of high-strength concrete beams™, Structural
Engineer, Vol.B0, No.16, 2002, pp26-32.

Limitations:
e Where the redistribution of moments does not exceed 10%,
for £, <40 N/imm®, xd=0.5

for 40 < f <70 Nmm’, xid < 0.4

for 70 = £, =100 N/mm®,  x/d<0.33 and no moment redistribution
e  Where the redistribution of moments exceeds 10%,

for £, <40 N/mm’, xid< (g, —04)

for 40 < £, <TON/mm®,  x/d=(f, - 0.5)
moment after redistribution

in which g, = — : — -
moarment hefore redistribution
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BSE110: Part 1 provides a limit to the neutral axis depth to ensure a minimum
level of flexural ductility (i.e. that large strains are developed in the tension
reinforcement at ULS). For redistribution of moments up to 10%, the limit given
is x/d < 0.5, For redistribution of moments greater than 109 (i.e. §, < 90%), a
lower limit of x/d < ( 8, — 0.4) is applied to ensure that sufficiently large strains
are developed in the tension reinforcement to provide the plastic hinges with
enough rotational capacities for meeting the plastic deformation demand arising
from the redistribution of moments. These limits in BS8110 are, however,
applicable only to relatively low strength concrete. For concrete of strength
higher than 40 N/mm’, which possesses progressively lower ductility as the
concrete strength increases, in order to maintain a consistent level of flexural
ductility, the tension to balanced steel ratio has to be lowered. Hence, the
permissible neutral axis depth has to be reduced accordingly. The University of
Hong Kong has carried out some research on this and its recommendations for
higher strength concrete are those formulas given above for redistribution of
moments up to 10%. For redistribution of moments greater than 10%, the
formulas are modified to incorporate 5, in a way similar to that of BSE110.

More background information on the derivation of these formulas can be found in
the following paper:

Ho J.C.M., Kwan AK.H. and Pam H.J., “Minimum flexural ductility design of
high-strength concrete beams”, Magazine of Concrete Research, Vol.36, No.1,
2004, ppl3-22.

Design formulas for rectangular beams:
Two dimensionless factors, namely: £ and K', are employed in the formulas.

They are defined respectively as:

K = M s and

E 1

hd* £
Mr
bd* f,,

K=

in which A is the required moment of resistance as calculated from the design
loads and A’ is the maximum achievable moment of resistance of the section
with no compression reinforcement added and the neutral axis depth x set at the
upper limit. If ¥ < &', no compression reinforcement is required, but if &> K",
compression reinforeement is required. Figure 6.2 illustrates how M' and K are
derived. From this figure,

C=ﬂ.ﬁ?£xﬂ.9b.x; r=d-045x
Fm

M= Cz = 0,675 0.98x  (d - 0.45x) = 04020/ (1 - 0,45/ Yl 1,
Y

Ml

z

v

= 0402 xd )1 - 0.45x/d)

Substituting the respective upper limit value of x/d into the above equation, the
values of &' under different situations are obtained as:
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s  Where the redistribution of moments does not exceed 10%,
for £, <40 N/mm’, E =156

for 40< £ <70 N/mm", K =0.132
for 70< 7, <100 N/mm?, K’ =0.113 and no moment redistribution

s  Where the redistribution of moments exceeds 10%,
for £, €40 Nimm’, K =0402( 5, —0.4) - 018 (4, - 0.47
for 40 < £, <70 Nimm®, K =0402 (8, —0.5)-0.18 (5, — 0.5

0.9 x —t 1 » C= 0.677% 5 0.9bx
¥

Meutral —

. s i e ——

axis z=d-0.45%

Figure 6.2 Evaluation of M and X'

Design formulas for flanged beams;

If the neutral axis lies within the flange, the design may be carried out following
the same procedures as for rectangular beams, Otherwise, the design should be
carried out by direct application of the assumptions given in Clause 6.1 2.4(a).

The provisions for the evaluation of the design shegr resistance of beams are
given in the following:

Shear siress:
The design shear stress v at any section should be caleulated from:

[
bd
where V¥ is design shear load and &, is the breadth of the section {or the breadth
of the web or rib below the flange in case of a flanged beam).

'I_,I=

In no case should v exceed “-Em ot 7.0 N/mm?®, whichever is the lesser,

regardless of the amount and type of shear reinforcement provided. It should be
noted that BS8110: Part 1 limits the design shear stress to only 5.0 N/m m’. Some
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tests on the shear capacity of high-strength concrete beams have been carried out
at The University of Hong Kong. The test results revealed that the shear strength
of a reinforced concrete beam without stimups increases with incréasing concrete
compressive strength but the rate of increase in shear strength gradually decreases
as the concrete strength increases until the shear strength stops increasing at a
cube strength of about 80 N/mm®. Based on this, the limiting value of design

shear stress has been increased to ﬂ.ﬁﬁ with f,, set at &0 Mmm®. This
actoally gives a limiting value of design shear stress of 7.16 NJ'mmI, but has been
rounded down to 7.0 M/mm®. However, at such high design shear stress level,
very heavy shear reinforcement would be required. Moreover, the compression
struts formed inside the beam would be subjected to fairly high compressive
forces. To avoid brittle failure, it should be prudent to provide generous lateral
confinement to the compression struts, Particular attention should also be paid 1o
the use of good quality aggregate because the shear strength of high-strength
concrete is quite sensitive to the quality of aggregate used. The afore-mentioned
tests carried out at The University of Hong Kong have been published in:

Islam M.S., Pam H.J. and Kwan A K.H., “Shear capacity of high-strength
concrete beams with point of inflection within shear span”, Proceedings,
Institution of Civil Engineers, Structures and Buildings, Vol.128, February, 1998,
pp91-99.

Shear reinforcement:

‘The shear reinforcement to be provided is dependent mainly on the direction and
the magnitude of v relative to v, (the design concrete shear stress without shear
reinforcement) and v, (the nominal shear strength to be provided by minimum
shear reinforcement). v, is as given in Table 6.3 of the code, while v, is to
ensure that when shear cracking occurs, the tension originally carried by the
concrete before cracking can be transferred to the shear reinforcement without
causing it to yield. In BEB110: Part 1, v, is set al a constant value of 0.4 N/mm?.
However, as the concrete strength increases, the shear force at which cracking
occurs increases. Hence, the tension, which has to be transmitied to the shear
reinforcement when shear cracking occurs, also increases and the area of shear
reinforcement has to be increased to prevent it from yielding at the time of shear
cracking. The required minimum shear reinforcement is proportional to the
tensile strength of concrete, which is assumed to beé proportional to its
compressive strength to the power 2/3. Therefore, for concrete strength higher
than 40 N/mm?, the minimum shear reinforcement has to be increased by a factor

of (£, /40)**. The amount of shear reinforcement to be provided is given by:
Where v < 0.5v, throughout the beam:

no requirement for structural elements of minor importance;
minimum links for structural elements of importance.

Where 0.5v, = v < (v +v )
minimum links to be provided.
Where { v, +v, ) £ v < min. I[D.HJF: or 7.0 N/mm?®):
A, 2 bs,(v-v, WO.8TS,, if only links provided;
up to 50% of the shear resistance to be provided by the shear reinforcement
may be in the form of bent-up bars.
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f.1.3

Concrete shear siress:
The design concrete shear stress v, is derived from the expression:

o %lﬂ[ﬂm£m1
L"H'TS{ md} d] [25] e

in which the value of f_, should not be taken as greater than 8 N/mm® (note that
BSR110: Part 1 limits the value of 7, at not greater than 40 N/mm®). The term

A, is the area of longitudinal tension reinforcement, which continues for a

distance of at least & beyond the section heing considered. At supports, only the
part of longitudinal tension reinforcement, which meets the curtailment and
anchorage requirements at the section being considered, should be counted
towards A, .

Shear resistance under different conditions:

The provisions given in the new code for the determination of shear resistance
under different conditions are similar to those in BS8110: Part 1: 1997 except that
the material safety factor of the shear reinforcement is set at 1.15 and when f, =

40 N/mm?, both the design concrete shear stress v, and the limiting value of
design shear stress v are higher (increase in shear strength until 7, reaches 80
N/mm?® is allowed).

Solid slabs supported by beams or walls
The provisions for the design of beams are also applicable to solid slabs.

Slabs subjected to distributed and concentrated loads may be analysed using an
appropriate elastic analysis method or alternatively a plastic analysis method.
For elastic analysis, an analytical method may be used if the slab has simple
geometry but the finite element method may have to be used if the slab has
complex geometry or is subjected to a complicated arrangement of loading, For
plastic analysis, both Johansen's yield line method and Hillerborg's strip method
are considered acceptable.

For slabs subjected to concentrated loads, there will be concentrated moment
occurring at each loading point. Due to stress concentration, the eoncentrated
moment could be many times larger than the average moment acting on the
section undemeath the loading point parallel to the nearest support. To capture
such concentrated moment, if the finite element method of analysis is employed,
a very fine mesh is required. However, in reality, because of the large magnitude
of the coneentrated moment, the section at the loading point would yield at an
early stage and the moment would be redistributed to other parts of the slab,
resulting in a less concentrated and more uniform distribution of moment. As
slabs are generally quite lightly reinforced and should therefore possess a fair
amount of flexural ductility, such redistribution of moments could be very
substantial. To take advantage of the redistribution of moments, which can help
to reduce the maximum moment to be designed for, it may be assumed that the
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slab moment is resisted by an effective width over which the total moment (the
total moment may be obtained by integrating the moment per unit width
determined by a rigorous elastic analysis along the effective width) is uniformly
distributed. For a slab simply supported on two opposite edges, the code has
provided guidelines for the evalvation of the effective width. These guidelines
are the same as those given in BSE110: Part 1: 1997. For any other slab with a
more complicated geometry or support arrangement, no general guideline could
be given and rigorous limited ductility elasto-plastic analysis will have to be
carried out if advantage is to be taken of the possible redistribution of moments to
reduce the maximum moment to be designed for.

Apart from the above redistnbution of moments across the effective width, the
redistribution of moments from the supports to the mid-span sections may also be
carricd out as per Clause 5.2.9 of the code. If the analysis of the slab is carmied
out for the single load case of all spans loaded in accordance with Clause
6.1.3.2(c), the redistribution of moments is limited 1o 20%.

For the elastic analysis of rectangular two-way spanning slabs subjected to
uniformly distnbuted loads, the code has provided formulas for the direct
evaluation of the design maximum moments. These formulas are identical to
those given in BSE110: Part 1: 1997,

Regarding the shear design of solid slabs, the shear resistance of a solid slab is to
be evaluated as if the solid slab is a beam (i.e. the values of v, and v, are to be

evaluated in the same way) but the shear reinforcement may be designed
according to the following more relaxed rules:
Where v < v,
no requirement for shear reinforcement.
Where v, < v <(v +v )
minimum links to be provided.
Where (v, +v,) = v <min. {IJ.RJE or 7.0 Nimm®):
A, b, (v=v 087, if only links provided;

the shear reinforcement may be provided in the form of links and/or bent-up
bars in any combination.

Ribbed slabs

There are two types of ribbed slabs: one type with the topping considered to
contribute to structural strength and the other type with the topping not
considered to contribute to structural strength, Each of them has to meet certain
requirements as stipulated in Clause 6.1.4.1 of the code. Where the topping 15
considered to contribute to structural strength, its thickness should not be less
than the minimum thickness given in Table 6.9.

The continuous span of a ribbed slab may be analysed as a one-way spanning

solid slab as per Clause 6.1.3.2 of the code. If the ribbed slab has equal structural
properties in two perpendicular directions (see Clause 6.1.4.2) and its flanges and
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6.1.5

ribs have sufficient torsional stiffness (see Clause 5.2.1.1), it may be analysed as
a two-way spanning solid slab in accordance with Clause 6.1.3.3 or as a flat slab
in accordance with Clause 6.1.5, whichever is more appropriate.

If it is impracticable to provide sufficient reinforcement to develop the full design
moments at the supports, the design moments at the supports may be redistributed
to the mid-span sections. Clause 6.1.4.2 of the code allows 100% of the moments
at the supports to be redistributed to the mid-span sections so that effectively the
slabs are designed as a series of simply supported spans. If this is done, sufficient
reinforcement should be provided over the supports to control cracking. The
code recommends that such reinforcement should have an area of not less than
259 of that in the middle of the adjoining spans and should extend at least 15%
of the spans into the adjoining spans. Nevertheless, the author is of the view that
in order to avoid excessive cracking, the redistribution of moments should be
limited to say only 50%; 100% redistribution of moments is a bit too much and
may adversely affect the serviceability of the structure.

Regarding the design resistance moment, the provisions given in Clause 6.1.2.4
for determining the design resistance moment of beams may also be applied to
ribbed slabs. When determining the design resistance moment of ribbed slabs,
fhe strength contribution of the forming blocks, which remain part of the
completed structure, may be taken into account.

Regarding the design shear resistance, the provisions given in Clause 6.1.2.5 for
determining the design shear resistance of flanged beams may also be applied to
ribbed slabs, except that the breadth of the rib may be increased to allow for the
contribution of the forming blocks. The shear reinforcement may be design as in
the case of solid slabs.

Flat slabs

The provisions given in the code, which are identical to those given in BSB110:
Part 1: 1997, are for application to flat slabs supported by a generally rectangular
arrangement of columns with a longer to shorler spans ratio not exceeding 2.0.
For such kind of flat slabs, the equivalent frame method may be used for the
analysis, as provided for in the code. For flat slabs with more complicated
arrangement of columns, other methods, e.g. the finite element method, may have
to be used, but in such cases the design engineer will have to make his'her own
judgement as to whether the provisions in this section are applicable.

In any direction, the effective dimension of a column head I, may be taken as:

I =min. ({, or I, ..}
where [, is the actual dimension measured 40 mm below the soffit of the slab or
drop, and [, ., is given by:

e = 1.+ 2(d), —40)
in which [, is the dimension of column in same direction and 4, is the depth of
the column head.
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Drops are provided mainly to increase the punching shear resistance of the slab.
Their possible influences on the distribution of moments within the slab should
be ignored unless the smaller dimension of the drop is at least 1/3 of the smaller
dimension of the surrounding panels.

For flat slabs consisting of a series of rectangular panels, i.e. supported by a
generally rectangular arrangement of columns, the equivalent frame method of
dividing the structure longitudinally and transversely into frames comprising of
columns and strips of slab may be used for the analysis. Although for analysing
the equivalent frames, simplified methods of further dividing each frame into
sub-frames as mentioned in Clause 6.1.5.2(d) of the code are permitied, 1l 1s
considered better to employ a more rigorous analysis method based on either
grillage analysis or finite element analysis.

For equivalent frame analysis, the slab panels should be assumed to be divided
into column strips and middle strips, as depicted in Figure 6.9 of the code. Afer
obtaining the design moments from the analysis, the design moments should be
apportioned between the column strips and middle strips as per the ratios given in
Table 6.10 of the code.

Rules for dealing with the positive and negative design moments in internal and
edge panels and for dealing with openings in panels are given in Clauses 6.1.5.3,
6.1.5.4 and 6.1.5.5 of the code, respectively. These are the same as those given in
BSE110: Part 1: 1997.

The critical consideration for shear is the punching shear around the columns. To

design for punching shear at a column, the design effective shear force ¥4 needs

first to be determined, as per the code using Equation 6.40 for an internal column

or Equation 6.41 for a corner or edge column. It should be noted that the design

effective shear foree ¥; is not the same as the design shear transferred to the

column and actually comprises of two components:

#  the shear force component arising from the design shear ¥, transferred to the
column; and

s  the shear force component arising from the design moment A transferred
to the column.

The above two components are more apparent if Equation 6.40 and Equation 6.41

are rewritten into the following forms:

M,

g

1% for an internal column

[

g =V + 15

M
g = L25F, + 15— for a corner or edge column
p

The maximum design shear stress at a column so evaluated using Equation 6.40
or Equation 6.41 above and Equation 6.42 on a perimeter bounding the column

face or the column head should not exceed 0.8,[7, or 7.0 N/mm®, whichever is

the lesser (note the increase in maximum design shear stress compared to
BSE110: Part 1: 1997).
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6.2

6.2.1

The nominal design shear stress v appropriate 10 a particular perimeter being
considered is calculated as:

¥
T
where u is the effective length of the outer perimeter of the punching failure
zone. Based on the value of v relative to v, the shear reinforcement may be
designed according to the following rules (which are similar but not exactly the
same as those for solid slabs):
Where v < v.!
no requirement for shear reinforcement.
Where v, = v S2v:
shear reinforcement may be provided in the form of links, as per Equation
6.44 when v, < v < 1.6v, and Equation 65.45 when 1.6v, < v 22v;
the shear reinforcement provided should not be less than that required to
provide a nominal shear strength of 0.4 Nfmm’.
Where 2v, < v and a reinforcing system is provided:
justification should be provided to demonstrate the validity of the design.

Members axially loaded with or without flexure

Columns

Short and slender columns.

Columns are classified into short columns and slender colummns, which have 1o be
dealt with in different ways. A column may be considered as short when both
. /h and I, /b are less than 15 if the column is braced or 10 if the column is

uribraced, Otherwise, it should be considered as slender. The effective height /,
of & column in a given plane is equal to g1, where [, is the clear height of the
column. If both ends of the column are restrained (i.e. are connected to other
members), the clear height {, of the column is the clear height between the end
restraints, In such case, the clear height [, should not exceed 605, 1f one end is

unrestrained (i.e. is a free end not connected to any other members), the clear
height of the column is the vertical distance from the clear surface of the
restrained end to the free end. In such case, the clear height [, should not exceed
min, (606 or 10057k, Four types of end conditions are defined. The first three
are applicable to both braced and unbraced columns whereas the fourth one (free
end condition) is applicable only to unbraced columns. Depending on the
combination of end conditions at top and bottom, the value of the facter § may
he obtained from Table 6.11 for braced columns and from Table 6.12 for
unbraced columns. From these tables, it can be seen that for braced columns, the
values of § are generally smaller than or egual to 1.0 while for unbraced
columns, the values of § are generally larger than or equal to 1.2, Hence, the
<lenderness ratios (i.e. I, /h and I, fb)of unbraced columns tend to be larger.
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Momenis and forces in columns;

The moments and forces in the columns due to the design loads shall be
evaluated by analysis of structure as per Chapter 5 of the code. However, if the ;
column being considered is a slender column, the moment due to the design loads i
should be added with the deflection induced moment (also referred to as
additional moment induced by deflection) to obtain the design moment at ULS,
Then for any column, regardless of whether it is a short or slender column, the
design moment at ULS should not be taken as smaller than the design ultimate
axial load multiplied by a minimum eccentricity e, . which may be set equal to
the minimum of (0.05 times overall dimension of column in the plane being
considered or 20 mm).

Deflection induced moments at ULS:
The deflection of a rectangular or circular column at ULS may be taken to be:

a, = 0 Kk
in which:
1 (LY
= o | =
By zmu[bJ
= N =N _f"r =1
'h"rl.::_'?"lﬂl

A, is to allow for the slenderness of the column. [ts variation with [, /b has been
tabulated in Table 6.13 of the code. On the other hand, X is a reduction factor
that corrects the deflection to allow for the influence of axial load on the size of
compression zone in the column section (note that & <1 when N > N, and K

=1when N £ N, ). The deflection induces an additional moment given by:
My = Na,

The distribution of the above additional moment along the height of the column is
dependent on whether the column is braced and on the end conditions.

For a braced column, if both ends are not providing rotational restraint, the
distribution of additional moment is like a 1/2 cycle sine curve with a maximum
value at mid-height. If one end is providing rotational restraint while the other
end iz not, the distribution of additional moment is like a 3/4 cycle sine curve
with a maximum value at approximately 0.4 times column height from the end
with no rotational restraint. If both ends are providing rotational restraint, the
distribution of additional moment is a full cycle sine curve with a maximum
value at mid-height. The distribution of additional moment and the resulting
design moment envelopes for different end conditions are shown in Figure 6.3.
For an unbraced column, if one end is providing rotational restraint while the
other end is not (i.e. a free end), the distribution of additional moment is like a
1/4 cvele sine curve with a maximum value at the end with rotational restraint. If
both ends are providing rotational restraint, then the distribution of additional
moment is like a 1/2 cvele sine curve with maximum values at the ends, The
distribution of additional moment and the resulting design moment envelopes for
different end conditions are shown in Figure 6.4,
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Figure 6.4 Design moment envelopes — unbraced columns

For unbraced columns at the same storey level, which are constrained to deflect
sideways by the same amount, an average ultimate deflection a,, may be applied

to all the columns. The average deflection a_, may be evaluated as lZﬂu in
H

which n is the number of columns.
In theory, all slender columns should be designed for biaxial bending. However,

Clause 6.2.1.3(c) allows slender columns bent about a single axis to be designed
only for uniaxial bending provided h/b<3 and / /h=20.
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6.2.2

Design of column sections for ULS:

In the analysis of column sections for ULS, the same assumptions should be
made as for the analysis of beam sections. For a short eolumn subjected only to
axial load, the ultimate axial load N may be evaluated by:

No=04f A +075f 4,

For a short braced column supporting an approximately symmetrical arrangement
of beams, the ultimate axial load & may be evaluated by:

N o= 035f 4, +067F,4,

For a column to be designed for biaxial bending, Clause 6.2.1.4(d) of the code
provides a simple method, which is applicable only if the column section is
rectangular and symmetrically reinforced. In the more general case of an
arbitrarily shaped column section, such as a circular section, an L-shaped section,
a polygonal-shaped section and a section with a hole etc, a more rigorous and
generally applicable method will have to be used. Fully computerized design
methods for columns subjected to axial load and biaxial bending may be found in
the following publications:

Kwan K.H. and Liauw T.C., “Computerized ultimate strength analysis of
reinforced conerete sections subjected to axial compression and biaxial bending”,
Computers and Structures, Vol.21, No.6, 1985, pp1119-1127.

Kwan K.H. and Liauw T.C., “Computer aided design of reinforced concrete
members subjected to axial compression and biaxial bending”, Structural
Engineer, Part B, Vol.63B, No.2, June, 1985, pp34-40.

Liguw T.C. and Kwan K.H., “Computerized design of reinforced concrete
columns by load factor method”, Journal, Hong Kong Institution of Engincers,
February, 1988, pp23-30; also in: Transactions, Hong Kong Institution of
Engineers, Vol.1, 1989, pp3-10.

Walls

(Feneral:

The overall stability of a multi-storey building should not, in any direction,
depend on the out-of-plane rigidity of the walls alone. Lateral supports to walls
should each be designed to resist, in the out-of-plane direction, the sum of the
design ultimate horizontal load acting on the wall (due to the applied loads) and a
horizontal load equal to 2.5% of the design ultimate vertical load (for preventing
lateral buckling). From the design point of view, walls are classified into
reinforced walls and plain walls. A reinforced wall is a concrete wall containing
at least the minimum quantities of reinforcement specified in Clauses 9.6.1 to
9.6.4 of the code. A plain wall is a concrete wall containing no reinforcement or
insufficient reinforcement to satisfy the minimum guantities of reinforcement
specified in Clauses 9.6.1 10 9.6.4 of the code; for a plain wall, any reinforcement
is ignored when considering the strength of the wall.

Design of reinforced walls:
For a reinforced wall constructed monolithically with the adjacent construction,
the effective height /, should be assessed as though the wall 15 a column

subjected to bending at right angle to the wall (ie. out-of-plane bending). For a
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reinforced concrete wall supporting the beams and slabs which are simply
supported on the wall, the effective height I, should be assessed as though the
wall is a plain wall. Except for short braced walls loaded almost symmetrically,
the eccentricity e, of the axial load in the direction at right angle to the wall
(i.e. in the out-of-plane direction) should be taken as not less than (.05 times the
thickness of wall or 20 mm, whichever is lesser (similar to that for columns).

Clause 6.2.2.2(d) of the code suggests that when a horizontal force is resisted by
the in-plane action of several walls, the proportion allocated to each wall should
be in proportion to its relative stiffness. However, the term “relative stiffness™ is
difficult to define and for many vears has been loosely interpreted by different
engineers in totally different ways. In fact, from the theory of structure point of
view, this postulation that the horizontal shear should be apportioned to each wall
in proportion to its relative stiffness is wrong. The distribution of the horizontal
load to the walls is dependent on many factors including spatial distribution of
the walls, torsional stiffness of the building and coupling between the walls, as
illustrated in Figure 6.5, and wall-frame interaction, as explained before.

Haorizontal load Horizontal load
7 ! 7 -
2z ” ¥
A —
E Y = 77 -
E = b g f!? z
Z o > Gy, al’
'# Core wall 2
o
7z
{a) Case 1 {b) Case 2
Horizontal lozd Harizontal load
e
=
I R T
. . = . = 1
A
==l - o N
] m b = A i B Gl ] T
= BQ 7 = = =[ = =
: 2 = &
é S Sp
%
(c) Case 3 ) (d) Casec 4

Figure 6.5 Distribution of horizontal load 1w walls
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Four different cases are shown in Figure 6.5, In Case 1, a horizontal load is
applied to the geometric centre of a building with two shear walls of different
\ateral stiffness each at one side of the building. Although the stiffness of the two
shear walls are different, because of the necessity to satisfy the torsional
equilibrium condition, the loads distributed to the two shear walls are the same,
i e. each of the two shear walls is allocated one half of the applied horizontal
load. In Case 2, a horizontal load is applied to the centre of a building with a
core wall and two shear walls of different stiffness. In this particular case,
because of the high torsional stiffness of the core wall, the building would deflect
laterally with little twisting. As a result, the horizontal load is distributed to the
core wall and the shear walls in proportion to their lateral stiffness. In Case 3, a
horizontal load is applied to the centre of a building with a symmetrical
arrangement of shear walls. Because of symmetry, the building would deflect
laterally with no twisting. As a result, the horizontal load is distributed to the
walls in proportion to their lateral stiffness, In Case 4, a horizontal load is
applied to the centre of a building with four shear walls, two of which are solid
walls while the other two have window openings and are in effect coupled shear
walls. The problem in this particular case is that it is very difficult to determine
the lateral stiffness of the two coupled shear walls, which do not deflect like solid
cantilever walls, Because of the difference in the deflection modes of the coupled
shear walls and the solid shear walls, the horizontal load is not distributed to the
walls in proportion to their lateral stiffness.

In view of the afore-mentioned situations that may arise in many multi-storey
buildings, it is not really appropriate to suggest that the horizontal shear should
be apportioned to each wall in proportion 1o its relative stiffness. The distribution
of horizontal loads to the shear/core walls should be analysed by a three-
dimensional finite element analysis program with the shear walls modelled as
plane stress or shell elements taking into account the spatial distribution of the
shear walls, torsional rigidity of the core walls, coupling effect between shear
walls and wall-frame interaction.

Regarding the design of the walls, reinforced walls are classified into stocky
reinforced walls (i.e. reinforced walls with [ /h <13 if braced or with I, /h <10

if unbraced) and slender reinforced walls (i.e. reinforced walls other than stocky
reinforced walls). They are analogous to short and slender columns. The design
of stocky reinforced walls and slender reinforced walls are governed by Clauses
6.2.2.2(f) and 6.2.2.2(g), respectively.

Design of plain walls:

The author does not recommend the incorporation of any plain walls in multi-
storey buildings, especially tall buildings, the main reason being that in multi-
storey buildings, basically all the walls are key elements that are indispensable
and need 1o be designed to withstand a design ultimate load of 34 N/m? in any
direction including the out-of-plane direction. Such a high-intensity design
ultimate load would demand more than nominal reinforcement 1o be provided in
the walls. Hence, it is inappropriate to design any walls in multi-storey buildings
as plain walls. At the most, in a multi-storey building, plain walls should be used

for non-structural partition walls only.
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6.3 Torsion and combined effects

It is said in the code that in “normal” slab-and-beam or framed construction,
specific considerations of torsional effects are not usually necessary. There is,
however, the question of what is normal and what is not normal. The decision on
whether to consider torsional effects should be based on whether the torsional
stiffness of the member being considered would have significant effect on the
load distribution of the structure. If the torsional stiffness of the member could
have certain effects on the load distribution, the torsional stiffness of the member
should be taken into account in the analysis; otherwise the torsional stiffness of
the member may be ignored. For example, when the member being considered
does not lie in a vertical plane (i.e. the member is curved horizontally or has a
horizontal bend along its length), the torsional stiffness is likely to have some
effects on the load distribution and therefore should be taken into account in the
analysis. As another example, when a horizontal member is connected at an
angle to another horizontal member in such a way that the flexural rotation of a
member would become the torsional rotation of the other member, the torsional
stiffness of the member subjected to torsional rotation should be considered in the
analysis. Throughout the vears, the author has seen quite a number of torsionally
cracked beams in Hong Kong, which were most probably due to the belief of
some design engineers that “specific considerations of torsional effects are not
usually necessary™. The author is of the opinion that design engineers should
better have a second thought and always satisfy themselves that the torsional
effects are really negligible and are not going to cause torsional cracking before
neglecting any torsional effects.

In any case, when the torsional resistance of any member is relied on to carry
loading, the torsional stiffness, torsional reinforcement and torsional cracking of
the member should all be carcfully considered, However, the author does not
recommend the reliance on the torsional resistance of any member to carry
loading, unless there is no other alternative.

The main difficulty in the evaluation of the torsional constant C of a concrete
section is that it is dependent on the extent of cracking of the concrete section. In
the case of a conerete section subjected to flexure, it can be assumed that all the
concrete within the tension zone as demarcated by the position of the newtral axis
has cracked, but in the case of a concrete section subjected to torsion, no similar
strategy can be applied. To avoid such difficulty, it is assumed in the code that
the torsional constant ¢ may be taken as half the St. Venant value (the value
evaluated for the whole section assuming there is no cracking). The torsional
constant C is given by:

C= %{,ﬁh;nm}

in which # is a coefficient depending on the shape of the section,
how 15 the smaller dimension of the section,
k_ is the larger dimension of the section, and

M

the bracketed term [.B Foin .i:m] is the St. Venant torsional constant.
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The above should clarify the second paragraph in Clause 6.3.2 of the code (where
the term “St. Venant torsional constant” should be replaced by the term “torsional
constant” and Equation 6.64 therein should be amended accordingly). Further
explanations can be found in the following book:
A H. Allen, Reinforced Concrete Design to BS8110 - Simply Explained, E. &
F.M. Spon Ltd, London and New York, 1988, 23%pp.

The tarsional stiffness of a non-rectangular section may be obtained by dividing
the section into a number of rectangles and summing up the torsional stiffness of
these rectangles. The division of the section should be arranged so as to
maximize the calculated torsional stiffness, as illustrated in Figure 6.6 for the
case of an [-section.

h’ -h — EF“- ﬁ = -ﬁt = hb
1 ¥ _ L
—b—l 1
Cy = [ It Bah (B b aby (bl 2 €2 = (BBt B bt feb (b )2 . i

" = maximum of (C; or C3)

Figure 6.6 Caleulation of torsional constant for an [-section

To evaluate the torsional shear stress in the section, the torsion carried by each
rectangular component needs 10 be calculated first, It may be assumed that the
torsional moment carried by each rectangular component is proportional to its
torsional stiffness, or in other words, given by the following equation:

1= Testpeteny

in which 7T, is the torsional moment acting on a rectangular component and T is 4
the torsion acting on the whole section. Having obtained the torsional moment 3
acting on each rectangular component, the torsional shear stress v, in any 1

rectangular component may be determined as:
2
® = -
hmn-{_hum _hmd.l'lj::l

The above eqguation is derived by assuming a plastic shear stress distribution
circulating round the rectangle.

v, =T




6.4

If the combined shear stress due to shear and torsion exceed the value of v, in

Table 6.17, torsional reinforcement should be provided but in no case should the
combined shear stress due to shear and torsion exceed the value of v, in Table

6.17. The values of v, and v, given in Table 6.17 are based on those given in

Table 2.3 of BS&110: Part 2: 1985, but have been modified for increased shear
strength when concrete of strength grade higher than C40 are used.

The stipulations for provision of torsional reinforcement in the code are the same
as those in BS8110: Part 2: 1985 except that the material safety factor of the
torsional reinforcement has been set at 1.15 instead of 1.05 in the British
Standard. Basically, the torsional reinforcement should consist of rectangular
closed links together with longitudinal reinforcement and is additional 1o any
requirements for shear or bending.

Design for robusiness against disproportionate collapse

Clause 2.2.2.3 of the code has demanded, for the purpose of achieving structural
integrity, that the structural elements should be effectively tied together using the
following types of ties:

= peripheral ties;

= inlernal ties;

o  horizontal ties to columns and walls;

«  vertical ties to vertical load-bearing elements.

The ties should be provided with tension reinforcement effectively anchored to
the structural elements that are being tied together. Reinforcement provided for
other purposes may be regarded as forming part of, or the whole of, these ties.

Peripheral ties:
At each floor and roof level, an effectively continuous peripheral tie capable of
resisting a tensile force of F, should be provided within 1.2 m of the edge of the

building or within the perimeter wall. F, {in kN) is the lesser of (20+dm) or 60,
where ny is the number of storeys.

Internal tes:

At each floor and roof level, internal ties in two directions, approximately at right
angles, should be provided. They should be effectively continuous throughout
their lengths and should be anchored to the peripheral ties at each end. They
may, in whole or in part, be spread evenly in the slabs or may be grouped at
beams, walls or other appropriate positions, but at spacings not greater than 1.5 /)
where [ is the greater of the distances between the centres of the columns,

frames or walls supporting any two adjacent floor spans in the direction of the tie
under consideration. In each direction, the ties should be capable of resisting a
tensile force (in kMN/m width) equal to the greater of:

—{G‘-;-Q }xll—f-*x:F; or F
1.5 3

where (G, +©,) is the sum of the characteristic dead and imposed floor loads.
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Horizontal ties to columns and walls:

Each external column and every metre length of each external wall carrying
vertical loads should be anchored or tied horizontally into the structure at each
floor and roof level with a horizontal tie capable of resisting a tensile force equal
to the greater of:

« 20For E’?F, if less, where [, is the floor to ceiling height (in m); or

s 3% of the total design ultimate vertical load carried by the column or walls.
For a comer column, horizontal ties should be provided in two directions
approximately at right angles. Each horizontal tie should be capable of resisting
the above tensile force.

Vertical ties to vertical load-bearing elements.

Each column and wall carrying vertical loads should be tied continuously from
the lowest to the highest level. The tie should be capable of resisting a tensile
force equal to the maximum design ultimate dead and imposed load received by
the column or wall from any one storey,

There are only two other international codes giving explicit design requirements
for the provision of ties in concrete buildings. They are BS8110: Part 1: 1997
and Furocode 2. The requirements of these two codes are not the same.
Generally, the tie forces given in BS8110 are based on the number of storeys
while those of Eurocode 2 are based on span length. Hence, direct comparison
between these two codes is rather difficult. However, the much smaller tie force
requirements for internal ties and horizontal ties to columns in Eurocode 2
compared to that stipulated in BS8110 does not appear to have been justified. It
is therefore considered more appropriate to follow BS8110. The tie requirements
given in the new code are the same as those outlined in BSE110.

Other than the provision of ties, the necessity to provide bridging elements should
also be considered, According to Clause 6.4.2 of the code, a design check should
be carried out to evaluate, for each storey in turn, the scenario of losing any one
of the vertical load-bearing elements. The design requirement is that the loss of
any vertical load-bearing element would not cause the collapse of a significant
part of the structure. The vertical load-bearing elements to be considered lost in
turn are the columns and the walls. In the case of a column, the whole column
would have to be considered lost, In the case of a wall, only the length of the
wall between adjacent lateral supports or between a lateral support and a free
edge needs to be considered lost.

According to Clauses 2.2.2.3 and 6.4.1.7 of the code, all vertical load-bearing
elements should be provided with vertical ties. If, somehow, it is inappropriate or
impossible to provide effective vertical ties to all the vertical load-hearing
elements, then the vertical load-bearing elements not provided with vertical ties
should be considered to be removed in tum and the vertical loads normally
carried by each such e¢lement in question should be transferred through bridging
elements to the adjacent vertical load-bearing elements. Catenary action may be
emploved to transfer the vertical loads but allowance should be made for the
horizontal reactions necessary for equilibrium.
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6.3

6.6

6.7

Corbels and nihs

A corbel is a short cantilever projection satisfying the following conditions:
o g jd<l

» the depth of the projection at outer edge of contact area of supported load is
not less than one-half of the depth at the root of the projection

Corbels may be designed using the strut-and-tie model, with the concrete and
reinforcement assumed to act as struts and ties, respectively. All reinforcement
should be properly anchored. At the front face, the reinforcement should be
anchored either by welding to a transverse bar or by bending back to form a loop.
Shear reinforcement should be provided in the form of horizontal links
distributed in the upper two-thirds of the effective depth at the root of the corbel.

Where a continuous nib is less than 300 mm deep, it should be designed as a
short cantilever slab. The tension reinforcement should project from the
supporting member across the top of the nib to a point as near to the front face of
the nib as the cover requirement permits. It should be anchored at the front face
either by welding to a transverse bar or by bending through 180° to form a loop.

Staircases

The provisions given in the new code for the design of staircases are the same as
those in BS8110: Part 1: 1997. Generally, staircases should be designed in
accordance with the requirements for beams and slabs given in Clauses 6.1.2 and
6.1.3 of the code. The specific issues related to the design of staircases are the
depth of section and permissible span/depth ratio. For a staircase, the depth of
section should be taken as the minimum thickness perpendicular to the soffit of
the staircase. Provided the stair flight occupies at least 60% of the span, the
permissible span/depth ratio calculated in accordance with Clause 7.3.4 (this
clause is for beams and slabs) may be increased by 15%.

Foundations

For the design of pad footings and pile caps, the “rigid footing or cap”
assumption may be adopted for the determination of bearing stresses or pile loads
(commonly known as rigid footing or cap design). If the flexibility of the footing
ar cap is to be considered for the purpose of reducing the bearing stresses or pile
loads at the comners of the footing or cap (commonly known as flexible footing or
cap design), a rigorous and accurate elastic analysis method, such as the finite
element method, should be used.

Design of pad footings.

For the design of an isolated footing, the critical section may be taken as that at
the face of the column or wall supported. While caleulating the design ultimate
moment, it should be noted that no redistribution of moments is allowed. If the
width of the section is relatively large, the tension reinforcement for resisting the
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ultimate moment should be distributed with two-thirds of the total required
concentrating within a zone near the centre of the column supported; otherwise
the tension reinforcement should be uniformly distributed, as stipulated in Clause
6.7.2.2 of the code. While designing for shear strength, it should be noted that
two shear conditions need to be considered: (1) shear along 2 vertical section
extending across the full width of the footing; and (2) punching shear around
concentrated loads.

Design of pile caps:

The bending design of a pile cap may be carried out using the bending theory if
the pile cap is considered rigid or using either the bending theory or the truss
analogy if the pile cap is considered flexible. For the shear design of a pile cap,
the critical sections should be assumed to be located at 20% of the diameter of the
pile inside the face of the pile, The shear span a, should be taken as the distance
from the face of the column to the critical section for the shear being considered.
Where due consideration has been given to the shear distribution across the
section, shear enhancement (see Clause 6.1.2.5) may be applied to the strip of the
pile cap of width equal to 3.0 times the pile diameter, centred at each pile. In
consideration of the shear distribution across the section, the shear force may be
averaged over a width, which should not extend bevond one effective depth on
either side from the pile centre, or as limited by the actual dimension of the pile
cap. If the shear stress is smaller than the enhanced shear strength, no shear
reinforcement is required. Apart from checking the shear along the critical
sections, a check should be made to ensure that the punching shear stress at the
perimeter of the column is not exceeding min. of (0.87, or 7.0 N/mm"). In
addition, if the spacing of the piles is greater than 3.0 times the pile diameter,
punching shear of the pile cap due to the concentrated pile loads should also be
checked as per the same requirements for flat slabs (see Clause 6.1.5.7).

Worked example for design of a pile cap:

A four-pile group supports a 1.0 m square column carrying an ultimate axial load
of 15,000 kM. The piles are 0.9 m in diameter and are spaced at 3.0 m centres.
Concrete of grade C35 and high-yield steel reinforcement are to be used. A
sketch of the pile cap layout is shown in Figure 6.7.

Load on each pile = 15000/4 = 3750 kN

Bending moment at face of column = 73 3750 = (1.5 = 0.5) = 7500 kN-m

M 7500x10°
hdlf,  5000x1200° 35

2jd = 0.5+ 1{n_zﬁ-i = 0.966
0.9

Take z=0.95 d=0.95 = 1200 = 1140 mm
Lo M 7500x10°
* O 08Tfz  087x460x1140

Use 34 $25 bars; 4, provided = 16690 mm® > 16439 mm®, 0.K.
Shear force at critical section = 2 x 3750 = 7500 kN

K = 0.030

= 16439 mm’
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This shear force is to be distributed over a width extending one effective depth on
either side of each pile centre or as limited by the actual dimension of the pile

cap.
Effective width = 2 = {1200 + 1000) = 4400 mm

7500 % 10 L
Shear stress = —————— = | .42 N/mm
' 4400 % 1200 :

Shear enhancement may only be applied to the strip of pile cap within 1.5 = pile
diameter at each side of a pile.

Since 1.5 x pile diameter = 1.5 = 900 = 1350 mm, the whole effective width is
within the strip where shear enhancement may be applied.

Shear strength v, = 0.45 N/mm®

Shear span a, = 1500 — 500 = 0.3 » 900 = 730 mm

Effective depth d = 1200 mm
2 _ 21200 _ 5 9

—_—— =

a 730

W

Enhanced shear strength = 3,29 % 0.45 = 1 48 N/mm’

Since the shear stress is smaller than the enhanced shear strength, no shear
reinforcement is requared.

Punching shear checking is also to be carried out {omitted herein for brevity).

1000 3000 1000

| . | . h-|-q—l-{=
| |
| I T
i ! 1000
' ¥
i j | y'y
|
1000 | gy L 20% of
| pile
: diameter
10060 I 000
|
| e |
|| iy
[
|
: I 1000
|
' ¥
I
Effective depth of 55::?!1- S:E:—m
pile cap = 1200 mm bending  shear
design  design

Figure 6.7 Design of a pile cap
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6.8

Beam-colomn joints

Since there have been no specific requirements for the design of beam-column
joints in the previous Hong Kong codes and in the British Standards, most design
engineers in Hong Kong are not familiar with how beam-column joints could be
better designed. Therefore, some basic training for the Hong Kong engineers on
the design of beam-column joints may be needed.

The code states that beam-column joints should be designed to satisfy the

following critena:

s at serviceability limit state, a beam-column joint shall perform at least as
well as the members that it joins; and

e at ultimate limit state, a beam-column joint shall have a design strength
sufficient to resist the most adverse load combinations sustained by the
adjoining members.

To be more specific, the basic requirements of a beam-column joint are:

s at serviceability limit state, the beam-column joint should not crack
seriously and should not show any signs of spalling; and

s  at ultimate limit state, the beam-column joint should be able to maintain its
structural integrity so as to allow the full strength potentials of the adjoining
members to be developed.

At the vertical interface between the beam and the column, stress concentration
occurs and vertical cracks often appear at the tension side of the interface, as
shown in Figure 6.8. If the tension reinforcement of the beam has not been
properly anchored into the joint, the tension reinforcement tends to be pulled out
of the joint and this could result in the formation of fairly wide cracks at the
beam-column interface (the crack width is actually the same as the bond-slip of
the tension reinforcement). Moreover, if the tension reinforcement is bent into
the column in such a way that the bearing stresses induced at the inside of the
bend are only resisted by a thin concrete cover, the concrete cover could spall off,
as depicted in Figure 6.8. Hence, proper detailing of the reinforcement going into
the joint is crucial for the high performance at serviceability limit state of a beam-
column joint. This is however easier said than done because there is often the
problem that the joint does not have sufficient space to accommodate the required
anchorage length of the reinforcing bars coming in from the beams.

Apart from cracking and spalling near the beam-column interface, the joint itself
might also fail due to diagonal crushing or splitting. To avoid such kinds of
failure, 1t 15 necessary to:

«  limit the joint shear stress as per Equation 6.71 in Clause 6.8.1.3 of the code,

s provide horizontal joint shear reinforcement as per Equation 6.72 in Clause
6.8.1.5 of the code,

« provide vertical joint shear reinforcement as per Equation 6,73 in Clause
6.8.1.6 of the code, and

« provide confining reinforcement to the length of column forming the beam-
column joint as per Clause 6.8,1.7 of the code.
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Figure 6.8 Cracking and spalling at beam-column interface

The usual practice in the past of not putting in any joint shear or joint confining
reinforcement (commonly known as empty joint design) is no longer considered
satisfactory. However, putting all the reinforcement required by the new code
together, the joint could become quite congested with reinforcing bars. Fixing of
the beam reinforcement, the column reinforcement and the joint shear and
confining reinforcement at the joint would demand higher skill than before and
render placing and compaction of the concrete in the joint much more difficult.
Design engineers should be aware of such practical difficulties and should pay
particular attention to the various site supervision problems that may arise.
However, all this trouble is necessary for the beam-column joints to maintain
their structural integrity at the ultimate limit state.

The provisions in Section 6.8 of the code for the design of beam-column joints
are largely based on the New Zealand Standard NZS3101: Part 1: 1995, Part 2 of
this standard (NZ83101: Part 2: 1995), which is a commentary handbook, has
provided some background information and explanations of the rationale behind
the various design requirements for beam-column joints. However, NZS3101 1s
not easy to follow partly because of the complicated behaviour of beam-column
joints and partly because there are many differences between New Zealand and
Hong Kong in the way the design loads and strengths are specified. For easier
reference and understanding, a brief introduction to the fundamental theory of
beam-column joints is presented in the following.

Jaint forces:

There are two types of beam-column joints, internal beam-column joints and
external beam-column joints, as shown in Figure 6.9. An internal beam-column
joint is a joint that is connected to an internal column and two beams at its two
gides in the same vertical plane of the joint. An external beam-column joint is a
joint that is connected to an external column and one beams at one side in the
same vertical plane of the joint. Each beam-column joint is subjected to forces
from the members connected to it (i.e. the columns and beams), as illustrated in
Figure 6.10.
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Figure 6.9 Internal and external beam-column joints
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Figure 6.10 Member forces acting on a beam-column joint
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For a three-dimensional beam-column joint with beams framing inte the joint in
two different vertical planes (i.e. not all the beams are in the same vertical plane),
the forces acting on the beam-column joint need only be considered in each
vertical plane at a time. In other words, such a three-dimensional beam-column
joint has to be considered twice, each time as a two-dimensional beam-column
joint in a wvertical plane containing the beams in the same vertical plane.
NZ583101 states that the forces in each vertical plane may be considered
independently, but in actual fact, the horizontal joint shear force in one vertical
plane could affect the joint shear reinforcement design in the other vertical plane
through the factor C, (see Clauses 11.3.5 and 11.3.6 of NZ53101: Part 1 and

Clauses 6.8.1.5 and 6.8.1.6 of the new code).

The forces acting on a beam-column joint in each vertical plane are:

= axial force N, horizontal shear force ¥, and bending moment A, from the
column above the joint;

s axial force N, horizontal shear force ¥,' and bending moment A ' from the
column below the joint;

#  vertical shear force ¥, and bending moment A, from the beam al one side
of the joint; and

= vertical shear force V' and bending moment A,' from the beam at the other
side of the joint, if any.

Horizontal and vertical joint shear forces:
The bending moment M, may be considered as comprising of a couple of tension

force T and compression force O, while the bending moment A" (if any) may

be considered as comprising of a couple of tension force 7™ and compression
force ', as illustrated in Figure 6.11. From axial equilibrium, 7=C and

'=("'. To ensure that the joint would maintain structural integrity even when
the longitudinal reinforcing bars in the beams have vielded, the commentary of
NZ53101 suggested that both T and 7' should be evaluated with the tensile
stresses in the reinforcing bars assumed to be 25% higher than the yield stress, In
other words,

T =C =1254,f,
=0 = 12534,
Because of these horizontal forces induced by the bending moments acting from

the beams, at mid-height of the beam-column joint, there is a horizontal joint
shear force ¥, given by:

V, = T+C-¥,

At the centre of the beam-column joint, there is also a vertical joint shear force.
The vertical joint shear force ¥, may be derived from similar considerations,

For simplicity, the vertical joint shear force may be approximated as follows:

v, = (i (b )V,
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Figure 6.11 Internal forces in a beam-column joint

Horizontal and vertical joint shear reinforcement.

The horizontal and vertical joint shear forces are to be resisted by a truss .
mechanism comprising of a diagonal compression strut in the concrete and the -
horizontal and vertical joint shear reinforcement. To resist the horizontal joint . SR
shear force, account may be taken of the contribution of the diagonal
compression strut to shear resistance and the increase in concrete shear strength -

due to the axial compression on the column. To resist the vertical joint shear
force, account may be taken of the contribution of the diagonal compression strut
to shear resistance and the counterbalancing effect of the axial compression on
the column. Taking into account the contribution of the diagonal compression
strut and the effects of the axial compression on the column, the new code has
provided the following formulas for evaluating the area of horizontal joint shear
reinforcement 4, and the area of vertical joint shear reinforcement A :

"R Af)
4 - 0.4v; —C N _ 04k b P —C N
¥ 0.877,, 0.8771,,

in which ¥, V. and N are the values of ¥, ¥, and N at the ultimate limit
state and C, is the factor for allocating the beneficial effect of the axial
compression to the two horizontal directions of the joint (or the two vertical
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planes containing the beams). If the horizontal joint shear forces in the two
horizontal directions of the joint are ¥, and ¥, , then €, would be given by:

¥

P it |
Ve +F, i

Maximum allowable joint shear siress;

To safeguard the core concrete (i.e. the diagonal compression strut in the
concrete) from crushing failure, an upper limit needs to be set to the joint shear
stress. The new code has imposed the following himit:

Vi
—h < 025F,

e
in which b, is the effective joint width and &, is the depth of the column in the

direction of the horizontal shear being considered. In case the above limit is
exceeded, regardless of how much shear reinforcement is to be added to the joint,
the joint size (mainly the column size) will have to be enlarged until the above
joint shear stress is kept within limat.

Confinement.

In addition to the horizontal and vertical joint shear reinforcement, horizontal
transverse confining reinforcement also has to be provided. The hornizontal
transverse confining reinforcement in beam-column joints shall not be less than
that required by Clause 9.5.2, with the exception of joints connecting beams at all
four column faces in which case the transverse confining reinforcement may be
reduced to one-half of that required by Clause 9.5.2. In no case shall the link
spacing of the transverse confining reinforcement exceed 10 times the diameter !
of the smallest column bar or 200 mm, whichever is the smaller. E

Additional comments:

The new code has not provided any guidelines for the design of beam-wall joints
but actually in tall buildings, beam-wall joints are at least as important as beam-
column joints. In coupled shear walls, the joints between the coupling beams and
the shear walls are often subjected to large vertical shear forces and concentrated
moments. As for beam-column joints, the reinforcing bars from the coupling
beams should be generously anchored into the walls (note that all the reinforcing
bars in a coupling beam, including those near the longitudinal axis, are subjected
to tension). Moreover, since beam-wall joints could fail by shear sliding along
the beam-wall interfaces, the shear sliding strength of each interface should be
checked. For more information, the following papers are referred to:

Kwan AKH. and Zhao Z.Z., “Testing of coupling beams with equal end
rotations maintained and local joint deformation allowed”, Proceedings, LC.E.,
Structures and Buildings, Vol.152, February, 2002, pp67-78.

Kwan AKH. and Zhao Z.Z., “Cyclic behaviour of deep reinforced concrete
coupling beams”, Proceedings, 1.C.E., Structures and Buildings, Vol.152, August,
2002, pp283-293.

Zhao Z.7. and Kwan AK.H., “Nonlinear behavior of deep reinforced concrete
coupling beams”, Structural Engineering and Mechanics, Vol.15, No.2, 2003,
ppl81-198.
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Worked examples for design of beam-column foints.

N Column size
m M, | 900 x 900
P I F.:
: 332 J.
! My C Fh'1 L F ) My, i
! 2425 !
Beam size , Beam size
700 % 500 Ve 700 » 500
(effective depth = 640) M, \_L" {effective depth = 640)
NI
Jow =45 MPa
= 460 MPa

Figure 6.12 Design of an internal beam-column joint

Consider the internal beam-column joint in Figure 6.12. There are two possible

sCenarios:

(a) the two beams at the two sides of the joint are both subjected to hogging
moments; and

(b) one beam at one side of the joint is subjected to hogging moment while the
ather beam at the other side of the joint is subjected to sagging moment.

In Scenario (a), the worst loading case occurs when the hogging moment at one
side is maximum and the hogging moment at the other side is minimum. The
joint shear reinforcement is to be designed so that structural integrity of the joint
will be maintained until plastic hinges are formed in the beams. However, if
plastic hinges are formed in both beams at the two sides of the joint, there will be
no horizontal joint shear. Maximum horizontal joint shear actually arises when a
plastic hinge has been formed in the beam subjected to larger hogging moment
and no plastic hinge has been formed yet in the beam subjected to smaller
hogging moment, as depicted in Figure 6.13.

As an example, let the column be subjected to an axial load of 5000 kN, the beam
on the right be subjected to a hogging moment of 650 kIN-m and the beam on the
left be subjected to a hogging moment of 400 kN-m (all these are the loads at the
ultimate limit state). A plastic hinge would be formed at the right side first.
Hence, at the right side, the top reinforcement may be assumed to have vielded
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and its tensile stress taken to be 253% higher than the yield stress. Based on this,
the tensile and compressive forces at the right side may be evaluated as:

T=C =1254,f =125 =2413 » 460/ 1000 = 1387 kN
On the other hand. at the left side, the hogging moment of 400 kN-m would lead
to the following tensile and compressive forces:

M _ 400x10°
b, 500 x640° x 43

4

=0.043

4 = 0.5+ 00252 = 0950
}_'Jl'l - +.|u . _ﬁ -
2 =0.050 x 640 = 608 mm
i
p=c =M 23000 000 = 658 kN
- 608

Neglecting ¥, which is usually quite small, the horizontal joint shear force V)
may be determined as:

V,=T-T" =1387- 0658 =TI9 kN

The vertical joint shear force V) may be determined as:

o= (kSR )V, = (T00/900) x T29 = 567 kN

The joint shear stress is checked below:

v, _ 729x 1’

= 0.90 Nmm® < 0257, ( 0.257, = 11.25 N/mm®), O.K.
bh o 900900

N
Mo plastic '/T\ M, Plastic hinge
hinge formed " formed at
at left side ‘\ -— ¥ /- right side
— Ay =2413 mm’ ,
i T —-— ) —= T=1.25451 f; |
‘i i X |
i (0 —— ] g i
' Ag =982 mm*
V=
M,
N

-----------------

Figure 6.13 Scenario (a) — both beams subjected to hogging moments
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The next step is to evaluate €. If the joint is a two-dimensional joint (i.e. there
are beams in one vertical plane only), then €, = 1.0. 1If the joint is a three-

dimensional joint (i.e. there are beams in two vertical planes), then the horizontal
joint shear in the two vertical planes ¥, and ¥, should each be determined and

C, evaluated as ¥, /(¥ + ¥ ). Assuming in this particular case that the joint is
a two-dimensional one, the value of C is evaluated as C, = 1.0. Having
evaluated C,, the area of horizontal joint shear reinforcement 4, is calculated as:

v [ . CN ) ;
4, =—2 lﬂ' _CNT ) 12910 [ _].ﬂxSﬂﬂDH£]=ﬁﬁl i
0.87f, Af,] 08Tx4600 " 900x900x45 )

Use 4 legs of $16 bars (2 closed horizontal rectangular links equally spaced
vertically, i.e. one at 1/3 height and the other at 2/3 height of the joint).

A, provided = 804 mm® > 661 mm®, O.K.
The area of vertical joint shear reinforcement 4, is caleulated as:

o = DAL -CNT _ 0.4x567x10° -1.0x5000x10° _
i 0871, 087 = 460

Hence, no vertical joint shear reinforcement is required.

In Scenario (b, the worst loading case occurs when the hogging moment at one
side is maximum and the sagging moment at the other side is also maximum.
The joint shear reinforcement is to be designed so that structural integrity of the
joint will be maintained until plastic hinges are formed in the beams. Maximum
horizontal joint shear arises when a hogging plastic hinge has been formed in the
beam subjected to hogging moment and a sagging plastic hinge has been formed
in the beam subjected to sagging moment, as depicted in Figure 6.14.

As an example, let the column be subjected to an axial load of 5000 kN, the beam
on the right be subjected to a hogging moment of 650 kN-m and the beam on the
left be subjected to a sagging moment of 250 kN-m (all these are the loads at the
ultimate limit state). At the right side, the top reinforcement may be assumed to
have yielded and its tensile stress taken to be 25% higher than the yield stress.
Based on this, the tensile and compressive forces at the right side may be
evaluated as:

T = C = 1254, f, = 1.25 % 2413 x 460 / 1000 = 1387 kN

On the other hand, at the left side, the bottom reinforcement may be assumed to
have vielded and its tensile stress taken to be 23% higher than the yield stress.
Based on this, the tensile and compressive forces at the left side may be evaluated

as:

T = (" = 1.254,f, = 1.25 » 982 = 460/ 1000 = 365 kN

Neglecting ¥, which is usually quite small, the horizontal joint shear force V)
may be determined as:

Vo =T+C" = 1387+ 563 = 1952 kN
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The vertical joint shear force ¥ may be determined as:
Vo= (h, /B )V, = (TO0000) = 1952 = 1518 kN
The joint shear stress 15 checked below:

Vi _ 1952x10°

=241 N'mm’® < 0257, (0257 —IIESNf’mm] 0K,
b, 00 D00

The next step is to evaluate C,. Assuming in this particular case that the joint is
a two-dimensional one, the value of C, is evaluated as ¢, = 1.0. Having
evaluated C,, the area of horizontal joint shear reinforcement 4, is calculated as:

qo=n [gs G| _1952x10° (o 1.0x5000x10 )
Y087f, |7 Af.] 087x460l " 900x900x45 )

Use 6 legs of $20 bars (3 closed horizontal rectangular links equally spaced
vertically, i.e. to be located at 1/4 height, 2/4 height and 3/4 height of the joint).

A, provided = 1885 mm” > 1770 mm’, O.K.

The arca of vertical joint shear reinforcement A is calculated as:

= 1770 mm*

_ 04V -CN" _ 0.4x1518x10" 1,0 500010’

A = < ]
¥ D.E?jﬁ 087 = 460

Hence, no vertical joint shear reinforcement is needed (note however that vertical
joint shear reinforcement may be needed when the axial load A° is small).

N
Sagging plastic m M, Hogging plastic
hinge formed _\ - |, ’/_ hinge formed
Asi = 2413 mm’ ,
i ' —— ) — T= 1254, f; |
' Vh'1 L & |
7= 1254, f; ——  -— C
- Az =982 mm?
F.Fpl_r
e\
N i

_________________

Figure 6.14 Scenario (b) — one beam subjected to
hogging moment and other beam subjected to sagging moment
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7.1

SERVICEABILITY LIMIT STATES

General

The design requirements of serviceability limit state may be satisfied by:

e following the deemed-to-satisfy rules in dimensioning and detailing of the
structural elements; or

» analysing the loading effects and verifying that the deformations and crack
widths etc are within acceptable limits (this is often referred to as direct
caleulation in the code).

When analysing the structure for satisfying the serviceability limit state
requirements, the most likely behaviour of the structure should be modelled.
During analysis of structure in ultimate limit state design, simplifying
assumptions that are on the safe side but not necessarily realistic are often made.
For instance, in ultimate limit state design, it is often assumed that the torsional
sliffness of frame members, the out-of-plane stiffness of shear walls and the
stiffness of hon-structures are negligible. Such assumptions are conservative for
ultimate limit state design but are not necessarily so when applied 1o
serviceability limit state design. The existence in reality of the stiffness that has
been neglected could significantly affect the internal load distribution within the
structure thereby causing unexpected cracking of certain structural components
whose loading effects have been underestimated. Hence, during analysis of
siructure in serviceahility limit state design, the structural model should be as
close to the reality as possible; no stiffness of any structural or non-structural
component should be neglected if its presence could affect the internal load
distribution. If the structural parameters of certain components, especially those
of non-structural components, are difficult to be determined accurately, then at
least the possible ranges should be estimated and the analysis of structure carried
out repeatedly using different combinations of possible values of the structural
parameters 5o as to allow for the worst possible scenario in the design.

One may argue why we have to take the above trouble just for serviceability limit
state design. Many structural engineers regard ultimate limit state design as
much more important than serviceability limit state design and tend to pay less
attention to cracking, deflection and vibration of the structure. In actual fact,
after decades of massive building development in many cities over the world, the
design and construction of a concrete building satisfying the ultimate limit state
requirements no longer present any major difficulties. However, we are still
having lots of serviceability problems, which arise mostly from cracking of
concrete. The author has been serving as an independent consultant on concrete
materials and structures for many years. In all the problematic cases that the
author has investigated, although the developers and the owners/tenants were
complaining about the serious cracking of the buildings within several years after
occupation and were deeply concerned with the safety of the buildings, there was
in every case no structural safety problem at all. All the problems were due to
inadequate serviceability limit state design. The argument of some structural
engineers that concrete structures are expected to crack and therefore cracking is
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normal and should be acceptable is not entirely defensible. In many cases, the
extent of cracking and the crack widths could have been controlled to be much
smaller if proper considerations had been given during the serviceability limit
state design.

The author has been advocating the idea of designing “high-performance concrete
buildings™, which we all should strive for. A high-performance concrete building
is one that has, not just a high safety standard, but also all round high
performance in terms of serviceability, functionality, durability, structural
assurance measures, reparability, environmental friendliness and sustainability.
All in all, the author holds the strong view that apart from safety, the other
performance attributes such as those mentioned above, especially serviceability,
should also be carefully attended to in the structural design, as promulgated in the
following paper.

Kwan A.K.H., AuF.TK. and Lee P.E.K., “High-performance concrete buildings
for the new millennium”, Progress in Structural Engineering and Materials,
Vol.5, No.4, October-December, 2003, pp263-273.

When assessing the loads in the analysis of structure for serviceability limit state
design, a distinction should be made between characteristic loads and expected
loads. Characteristic loads are conservative estimates of the loads that could
occur with a relatively long retum period while expected loads are the likely
loads that could cecur every now and then with a relatively high frequency of
occurrence.  Generally, for estimating the maximum response of the structure
under normal conditions (the code calls this the limit state calculation or
calculation to satisfy a particular limit state), the characteristic loads should be
used, but for estimating the likely or average response of the structure under
normal conditions (the code calls this the best estimate calculation), the expected
loads should be used instead. To clarify why “under normal conditions” is
emphasized above, the awthor would like to stress that the estimation of
maximum response under abnormal or extreme conditions is part of ultimate limit
state design, not serviceability limit state design. For dead loads, the
characteristic and expected values are the same and thus it will be sufficient to
just use the characteristic values in the analysis. For imposed loads, however,
both the characteristic and expected values may have to be considered separately.

When calculating deflection, it is necessary to assess how much of the applied
load is permanent and how much is transitory. Dead Ioad is 100% permanent.
But the proportion of the characteristic imposed load that should be considered as
permanent is dependent on the usage of the building. The code suggests that for
normal domestic or office occupancy, 25% of the characteristic imposed load
should be considered as permanent and for structures used for storage, at least
75% should be considered as permanent when the upper limit to the deflection is
being assessed. This suggestion is based on BS8110: Part 2: 1985,

When analysing the structure for serviceability limit state design, the elastic
modulus of concrete should be taken as the value given in Table 3.2 or evaluated
using Equation 3.1, The footnote of Table 32 savs that where the mean or
charactenistic value of elastic modulus is required, the appropriate mean or
characteristic strength of the concrete should be used for the evaluation. For
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1.2.1

estimating the maximum response of the structure under normal conditions, the
elastic modulus corresponding to the characteristic concrete strengih should be
used, but for estimating the average response of the structure under normal
conditions, the elastic modulus corresponding to the expected concrete strength
(i.e. the mean strength) should be used instead. 1f there is any uncertainty in the
elastic modulus, the possible range of values should be estimated and different
values within the range tried in the analysis to obtain an idea of the reliability of
the calculation.

Regarding the method of analysis for serviceability limit state design, a linear
elastic analysis method may be used. Three methods of evaluating the section
stiffness of the members have been given in Clause 5.1.2 of the code. They are
all regarded as acceptable but a consistent method should be applied to all
members of the structure, Where a single value of section stiffness 15 used to
characterise a member, it should be sufficiently accurate to evaluate the section
stiffness based on the uncracked concrete section (the entire concrete section,
ignoring the reinforcement) even though the caleulation shows the members to be
cracked, Where more sophisticated methods of analysis are used in which
variations in properties over the length of members can be taken into account, it
might be more appropriate to calculate the stiffness of the highly stressed parts of
the members based on the cracked transformed section (the compression area of
the concrete section combined with the reinforcement on the basis of modular
ratio).

Cracking

General

There are three main reasons for controlling cracking of a reinforced concrete
struciure:

s  ensure proper functioning;

s  avoid impairing durability;

s avoid causing unacceptable appearance.

Depending on the location and the lighting condition, a crack of width greater
than 0.3 mm can be quite conspicuous even to someone standing at a distance of
several metres away. Hence, for aesthetic reason, there is a need to control the
crack width at not greater than 0.3 mm. If the cracking is extensive and at the
same time the crack widths are relatively large (> 0.3 mm), the tenants or owners
may feel uneasy about the safety of the building and start complaining (even
though from the structural engineer's point of view, the building is still very
safe). Hence, in order to safeguard ourselves from future complaints and to avoid
imparting the bad impression to the public that the building has not been properly
designed, it should be prudent to pay particular attention to crack control. Failure
to control cracking would not in general cause any immediate safety problem but
would in the longer term create mistrust between the general public and the
structural engineering profession.
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The code states, in Clause 7.2.1, that “cracking is normal in reinforced conerete
structures™. This statement is actually extracted from Eurocode 2 (there is no
similar statement in BS8110). However, our clients, the future tenants and the
general public are not necessarily in agreement with this statement. Young
engineers may also misinterpret this statement as suggesting that crack control is
unimportant. Therefore, the author would like to elaborate and qualify this
statement as “minor cracking in reinforced concrete structures is normal but
extensive cracking should be avoided™,

The crack width limits are given in Table 7.1 of the code. Basically, for
prestressed members with bonded tendons, the frequent load combination should
be considered and the crack width should be limited to (.2 mm, and for
reinforced members and prestressed members with unbonded tendons, the guas:-
permanent load combination should be considered and the crack width should be
limited to 0.3 mm (except water retaining structures for which a lower limit of
0.2 mm needs to be applied).

The load combinations to be considered, namely, frequent load combination and
quasi-permanent load combination, are adopted from Eurocode 2. According to
Eurocode 0: Basis of Structural Design (also called ENI990), a frequent load
combination comprises of the permanent actions and the frequent values of the
variable actions, whereas a quasi-permanent load combination comprises of the
permanent actions and the quasi-permanent values of the variable actions. The
frequent value of a variable action is the value that the total period of time for
which it will be exceeded 15 a small fraction of the reference period, while the
quasi-permanent value of a variable action is the value that the total period of
time for which it will be exceeded is a large fraction of the reference period (see
Clause 1.5.3 of Eurocode 0). They are both given as reduced wvalues of the
respective charactenstic values; the frequent value is given as y, tmes the
characteristic value (y, < 1) while the quasi-permanent value 15 given as w,
times the characteristic value (g, < 1). These terms are not entirely compatible
with the terminology used in the British Standards. The author would like to
suggest that the frequent value of a variable load may be interpreted as the
expected high load under mormal condition (that could occur frequently and
might be exceeded for a small fraction of time), whereas the quasi-permanent
value of a variable load may be interpreted as the expected average load under
normal condition (that would be in place most of the time and could be exceeded
for a substantial fraction of time). In other words, they are in reality expected
loads under normal condition with different frequencies of occurrence.

Annex Al of Eurocode 0 has provided the values of w, and y, for imposed
loads in buildings as in Table 7.1. These values are not in line with what have
been suggested in Clause 7.1.3.3 of the code (this clause is actually the same as
the corresponding clause in BSE110: Part 2: 1985). Basically, the values given in
Eurocode () are marginally higher than those suggested in BS8110: Part 2. As the
design and calculation methods in the new code follow those in BSBI110, it is
considered more appropriate to adopt the values given in BSE110 because the
design/calculation methods and the design values together form an integrated
package and should be compatible with each other. Adjusting the values of y,
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and w, provided by Eurocode 0 slightly so that they become compatible with
BS8110, the values of w, and w, to be used in the new code may be oblained as
in Table 7.2.

Table 7.1 Values of y, and y, for imposed loads given in Eurocode 0

Building area over which imposed load is applied wy W
Domestic or office areas 0.50 0.30 !
| Congregation and shopping areas 0.70 .60
' Storage areas 0.90 0.80
Traffic areas, vehicle weight < 30 kN 0.70 0.60
Traffic areas, 30 kN < vehicle weight < 160 kN 0.50 0.30
Roofs 0.00 0.00

Table 7.2 Values of , and w, for imposed loads to be used in the new code

Building area over which imposed load is applied ¥, | ¥y

Domestic or office areas 0.50 0.25
Congregation and shopping areas 0.70 0.60
Storage arcas 0.50 0.75
Traffic areas, vehicle weight < 30 kN 0.70 0.60
Traffic areas, 30 kN < vehicle weight < 160 kN 0.50 0.30
Roofs 0.00 0.00

7.2.2 Conirol of cracking without direct calculation (deemed-to-satisfy)

1.2.3

Clause 7.2.2 of the code suggests that if the deemed-to-satisfy rules in the code
with respect to minimum reinforcement areas and bar spacings are followed, then
wsually no direct calculation needs to be carried out to check compliance with the
crack width limits. As an alternative to following the deemed-to-satisfy rules,
direct caleulation may be carried out to check compliance with the crack width
limits, According to Clause 7.2.1 of the code, in most cases, direct calculation to
check compliance with the crack width limits would allow wider bar spacings 1o
be used, especially for shallow members.

Assessment of crack widths

Only the crack width under long-term condition needs to be assessed. The loads
to be applied should be those of the frequent load combination (for prestressed
members with bonded tendons) or the gquasi-permanent load combination (for
reinforced members and prestressed members with unbonded tendons), while the
elastic modulus of the concrete should be the long-term modulus taken as one-
half of the short-term modulus.
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The formula for evaluating the surface crack width has been given as follows:

ia &,
|+g[ﬁn_J
h=x
in which a_ is the distance from the point being considered to the surface of the
nearest longitudinal bar, £ is the average strain at the level of the point being
considered, ¢, is the minimum distance from the surface of concrete to the

surface of the tension steel (the cover to the tension steel), k is the overall depth
of the section and x is the depth to neutral axis.

surface crack width =

This formula is applicable only when the strain in the tension reinforcement is
limited to 0.8, /E, , which is generally satisfied at serviceability limit state.

The average strain £, may be evaluated from the curvature calculated as per

Clause 7.3.6 of the code based on the following assumptions:

¢  plane sections remain plane;

e the reinforcement is elastic with an elastic modulus of 200 kN/mm’;

= the concrete in compression is elastic;

s the tensile strength of concrete is not negligible and there is a long-term
tensile stress varying linearly from 0 N/mm® at the neutral axis to 0.55
N/mm?® at the level of the tension reinforcement within the tension zone.

Alternatively, as an approximation, the average strain may be evaluated by first

calculating the average strain of a cracked section with the tensile strength of

concrete neglected and then reducing this average strain value to take into
account the stiffening effect of the concrete in the tension zone.

Where it is expected that the concrete may be subjected to abnormally high
shrinkage (= 0.0006), the value of £, should be increased by adding 50% of the _
expected shrinkage strain (this requirement is based on BS8110: Part 2: 1985). i
From Clause 3.1.3 of the code, it can be seen that the shrinkage of concrete in |
Hong Kong is in general much higher than that of concrete in UK. The author is
at the moment conducting a fairly large number of shrinkage tests on typical
normal-strength concrete, high-strength concrete and high-performance concrete
in Hong Kong. The tests are not completed yet but judging from the test results
obtained so far, it may be roughly estimated that at a relative humidity of 50%,
the shrinkage strain ranges from 0.0007 to 0.0009, while at a relative humidity of
75%, the shrinkage strain ranges from 0.0006 to 0.0008. It is now almost certain
that the shrinkage of concrete in Hong Kong is generally higher than 0.0006.
Hence, the value of £, will have to be increased by 50% of the expected
shrinkage strain. Assuming the expected shrinkage strain to be 0.0006, the value
of £, will be increased by 0.0003 (0.0006 x 50%). This increase may amount to
more than 30% of the original value of £, and is definitely not negligible. The
omission of the effect of shrinkage in serviceability limit state design in the past
is one of the reasons for having, from time to time, concrete cracking problems in
Hong Kong. Inclusion of this requirement in the new code would significantly
improve the crack control of concrete structures.
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It should be noted that with the effect of shrinkage taken into account, the
statement in Clause 7.2.1 of the code, which says that in most cases, direct
calculation to check compliance with the crack width limits would allow wider
bar spacings to be used, especially for shallow members, is no longer valid. In
fact, with the effect of shrinkage taken into account, the crack control
requirements set for direct calculation of crack width would become more
stringent than those imposed through the deemed-to-satisfy rules. Because of
this, Clause 7.2.2 needs more careful interpretation. Where the shrinkage of
concrete is higher than 0.0006, it may not be good enough to just follow the
deemed-to-satisfy rules; in such case, it is better to always carry out direct
caleulation to check compliance with the crack width limits as per Clause 7.2.3.

During the course of development of the new code, a comparison between the
requirements of BS8110 and Structures Design Manual for Highways and
Railways has been made. The Structures Design Manual has more onerous crack
width limits, which are dependent on the exposure conditions. Generally, the
maximum allowable crack width varies from 0.10 mm for extreme exposure
conditions to 0.25 mm for moderate exposure conditions. In this regard, it should
be noted that the design life of highway/railway structures is 120 years whereas
the design life of normal buildings is only 50 vears. A comparison of the various
crack width formulas given in BS8110, Eurocode 2 and GB50010 by caleulating
the crack widths of a typical beam section has also been made. The results are
quite varying and therefore cannot be compared directly. It should, however, be
noted that the treatment of crack width must be carried out in conjunction with
the complete code of practice philosophy, including the loading intensities to be
adopted, the material stresses to be used, the concrete cover to be specified and
the tolerable crack widths etc. It will be dangerous to single out the crack width
formula out of context. Crack control is not an exact science because cracking 15
a semi-random phenomenon and many aspects of concrete cracking are still not
fully understond. Rigorous theoretical treatment is not possible at this stage. The
effectiveness of the proposed crack control measures will have to be evaluated
through regular review of the experience gained from field applications.

Early thermal cracking

Early thermal cracks are caused by internal or external restraints against the
thermal movement of the concrete as the temperature of the concrete changes due
to the heat generated from the chemical reactions of the cementitious materials.
Internal restraint is the major cause of cracking in massive concrete structures,
while external restraint is the major cause of cracking in concrete structures cast
against movement restraints,

To assess the risk of early thermal cracking, three issues need to be considered:

*  measuring or ¢stimating the adiabatic temperature rise (the temperature rise
with no heat loss) of the conerete mix during curing;

« analysing the lemperature distribution within the concrete mass taking into
account heat generation by the concrete and heat loss to the environment,

»  analysing the thermal strain induced by internal and external restraints.
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Under adiabatic condition, the hjydra'r_inn of cement would produce a temperature
rise of about 12°C per 100 kg/m” of cement regardless of the type of cement used.
Partial replacement of cement by pulverized fuel ash (PFA) could reduce the
amount of heat generated. The temperature rise due to the pozzolanie reaction of
PFA is dependent on the temperature, but is generally lower than that due to the
hydration of cement. For instance, at a temperature of 60°C, the pozzolanic
reaction of PFA would produce a temperature rise of only 5.5°C per 100 kg/m’ of
PFA. More information on the estimation of temperature rise can be found in the
following publications:

FitzGibbon ML.E., “Large pours — 2, heat generation and control”, Conerete,
10(12), 1976, pp33-35.

Building Research Establishment, Technical Guide on Control of Early Thermal
Cracking in Concrete, PSA Specialist Services, UK, 1992, 14pp.

The temperature distribution within the concrete mass is dependent on both the
heat generation from the concrete causing temperature rise and the heat
dissipation through the boundary surfaces causing temperature drop and
temperature gradient within the concrete, Taking into account the various factors
determining the heat generation and dissipation, the temperature distribution and
variation with time may be evaluated for members with simple geometry using an
analytical method and for members with complex geometry by the finite element
method. However, even with the temperature distribution known, the evaluation
of the tensile stresses developed within the concrete is not an easy task. This is
partly because apart from the external restraint against thermal movement, the
conerete itsell can also act as an internal restraint against differential thermal
movement arising from uneven temperature distribution and partly because the
restraint-induced stresses are dependent also on the changing elastic modulus and
creep characteristics of the concrete at early age. In fact, the mechanisms of how
the internal and external restraints cause tensile stresses and thermal cracking are
often misunderstood, leading to inappropriate practices during curing that often
further aggravate the thermal cracking problem, as explained in the following.

Internal restraint

Due to heat dissipation, the temperature of the concrete near the surfaces is lower
than that of the concrete at the centre, The resulting temperature difference may
induce tensile strains large enough to cause thermal cracking within the surface
zones when the temperature is rising and in the interior when the temperature is
dropping, as depicted in Figure 7.1. When the temperature is rising, the concrete
at the centre has a higher temperature and its thermal expansion will induce
bursting pressure onto the outside causing the concrete within the surface zones
to be subjected to tension and possibly cracking. The thermal cracks formed
within the surface zones can be observed after removal of formwork and are thus
well known. When the temperature is dropping, the concrete near the surfaces
will cool down to ambient temperature first while the concrete at the centre will
continue to cool down. Cooling of the concrete in the interior within a bigger
mass of concrete will induce tensile strains that may cause cracking. Since the
thermal cracks formed in the interior cannot be seen unless coring is carried out,
many engineers are not aware of this problem. As the movement restraint that
induces these cracks is from the concrete mass itself, it is called internal restraint.
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{a) when temperature is rising (b} when temperature is dropping

Figure 7.1 Thermal cracks induced by internal restraint
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Figure 7.2 Thermal cracks induced by external restraint
External restraini:

Subsequent temperature drop after the conerete has reached the peak temperature
causes thermal contraction, If the thermal contraction is restrained by existing
structures bonded to the freshly cast conerele, as shown in Figure 7.2, tensile
stresses will be induced and thermal cracks, which are generally through cracks,
may be formed. As the movement restraint is from outside, it is regarded as an
external restraint. There are two types of external restraint: edge restraint and end
restraint, Edge restraint is quite common when a shear wall is constructed storey-
by-storey in which case the shear wall at the lower storey restrains the thermal
movement of the freshly cast concrete at one edge, while end restraint usually
occurs when a wall or slab is constructed bay-by-bay in which case the existing
walls or slabs restrain the thermal movement of the freshly cast concrete at two
opposite ends. The author had once encountered a thermal cracking problem,
which occurred when a shear wall was cast using high-strength concrete. During
curing, the temperature of the concrete reached a peak of around 80°C. After the
mould was removed, fairly wide thermal cracks were observed. The contractor
had tried to resolve the problem by providing better insulation but the problem
persisted and in fact was worsened due to reasons explained below.
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Provision of insulation:

There is a common misunderstanding that insulation is a proper way to deal with
thermal cracking, regardless of the site conditions. In some contracts, it is even
stipulated in the specification that double-layer insulation is to be provided in all
cases when curing freshly cast concrete. Actually, it may help to avoid thermal
cracking in some cases but may also aggravate the problem in other cases,
depending on the type of restraint. If there is no external restraint, then the most
likely cause of thermal cracking is intemnal restraint. In this case, insulation
should be applied. It could reduce the temperature difference within the concrete
and thereby alleviate the thermal eracking problem. However, it should be noted
that the nsulation and also the formwork should not be removed until the
temperature of the concrete has dropped to near ambient temperature. Moreover,
after removal of formwork, no water spraying onto the concrete surfaces should
be applied. It is not uncommon in Hong Kong that the formwork is removed
while the concrete is still hot and cold water is then sprayed onto the concrete for
curing, leading to temperature shock and immediate cracking. [f there is external
restraint, then it is the thermal contraction of the concrete during temperature
drop that will be the major cause of thermal cracking. In such case, insulation
would increase the temperature rise of the conerete and of course also the
subsequent temperature drop, thereby aggravating the thermal cracking problem.
Therefore, insulation should not be applied when there is any external restraint,
Reducing the heat generation by changing the mix design of the concrete would
help but if the situation remains critical passive or active cooling might have (o
be applied. If there are both internal and external restraints, as in the case of a
thick concrete member to be cast against existing structures that will restrain its
thermal movement, then it is not a guestion of whether to insulate or not to
insulate. The only acceptable method is to reduce both the peak temperature of
the concrete and the temperature differential within the concrete. One feasible
solution 15 to provide active internal cooling so as to draw out heat directly from
the interior of the concrete. Lowering the placing temperature of the concrete and
reducing the heat generation of the concrete should also be considered.

Mix design:

It is advantageous for a concrete structure to have a small temperature rise during
curing. A small temperature rise ensures minimal thermal movement and reduces
the risk of early thermal cracking. In many cases, it is possible to alter the mix
proportion of the concrete mix without affecting its rheological properties and
desired compressive strength to reduce the heat generation of the concrete so as
to keep the temperature rise as small as possible. This is especially so for today's
concrete, which usually contains a fairly high cementitious materials content.
The heat generation from a concrete mix is affected mainly by the guality and
quantity of cement, mineral admixtures and chemical admixtures. If cement is
the only cementitious material in the concrete mix, its hydration contributes to all
the heat generated and the temperature rise would be proportional to the cement
content. The fineness of the cement may also affect the temperature rise; a finer
cement hydrates and generates heat at faster rates and, with relatively little time
to dissipate the heat, the resulting temperature rise would be higher. Replacing
part of the cement by PFA can significantly reduce the amount of heat generated.
This is because the pozzolanic reaction of PFA does not start until the alkalinity
of the pore water is high enough to start the reaction, which requires part of the
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cement to hydrate for releasing calcium hydroxide into the pore water. On the
other hand, the effect of replacing part of the cement by condensed silica fume
(CSF) on heat generation is more complex. CSF provides nucleation sites for
hvdration and would thus speed up the heat generation due to hydration of
cement. Moreover, since CSF is much finer than PFA, the pozzolanic reaction of
CSF is faster than that of PFA, As the increase in heat generation due to addition
of CSF could outweigh the decrease in heat generation resulting from reduction
in eement content, the replacement of part of the cement by an equal weight of
CSF might not help to reduce the temperature rise. Lastly, the addition of a
superplasticizer can improve the rheclogy of the paste and reduce the water
demand of the conerete mix, but generally has little effect on the heat generation
of the cementitious materials. Nevertheless, the addition of a superplasticizer
does have an indirect effect on heat generation. Whilst the superplasticizing
effect does not seem to affect heat generation much, it reduces the water demand
of the concrete mix and thus with a superplasticizer added the paste volume of
the concrete mix could be reduced while maintaining the same workability. After
reduction of the paste volume, there should be pro-rata reductions in the
cementitious materials content and the amount of heat that would be generated.

Adiabatic curing tesi;

Although simple rules for predicting temperature rise are available (such as
BRE's technical guide), they are only rules of thumb and are not expected to be
accurate. In fact, the temperature rise is dependent on the material characteristics
and the local conditions, and thus the only reliable way of estimating the
temperature rise is to carry out adiabatic curing test of the concrete mix using
exacily the same constituent materials. The purpose of the adiabatic curing test is
to simulate the adiabatic condition (i.e. no heat gain or loss condition) inside a
large volume of concrete and measure the temperature rise of the concrete under
such condition. From the test, the variation of the concrete temperature with time
can be obtained, based on which the rate of temperature rise at different times
after casting and the total temperature rise may be evalvated. These data are
needed for finite element analysis of the temperature and thermal stress
distributions within the concrete, the outcome of which would help to design a
proper thermal control scheme for mitigating early thermal cracking. Although
the principles of adiabatic curing test are well founded, there is still no generally
accepted or standardized test method. As a result, the details of the test vary from
one laboratory to another. Some researchers use a computer controlled
environmental chamber to simulate the adiabatic condition by awtomatically
adjusting the temperature of the chamber to be constantly equal to the
temperature at the centre of the concrete mass as measured by thermocouples
buried into the concrete, while others just cure the concrete specimen and
measure the temperature at the centre of the specimen using thermocouples
without providing any kind of insulation or temperature control. Frankly
speaking, if the adiabatic curing conditions are not exactly simulated, the cuning
test 1s not a true adiabatic curing test and should be called a temperature rise
evaluation test (TRET). In Hong Kong, adiabatic curing tests are often carmed
out without exercising any temperature control; these should have been more
appropriately referred to as TRET. However, the adiabatic curing test is more
suitable for use in a well-equipped laboratory and for field tests the less
sophisticated TRET methods are preferred.
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Thermal analysis and conirol.

In the past few years, the author has investigated a number of thermal cracking
problems in Hong Kong and found that in virtually all cases, the thermal cracking
was associated with high cementitious materials content of the concrete mix and
high temperature rise of the concrete duri ng curing. It is therefore suggested that
il the cement content exceeds 450 kg/m™ or the total cementitious materials
content exceeds 550 kg/m’, the contractor should be required to carry out an
adiabatic curing test or a TRET. Then, if the temperature rise of the concrete as
measured by a true adiabatic curing test is higher than 45°C or as measured by an
acceptable TRET is higher than 40°C (TRET tends to yield a lower temperature
rise because of heat loss), the contractor should be required to carry out thermal
analysis and submit a proposal for thermal control of the curing concrete.

7.3 Deformations

7.3.1 General considerations

There are several reasons for controlling deformation of a structure:

»  avoid causing unacceptable appearance;

*  ensure proper functioning,

e avoid causing drainage problems;

»  avoid causing damage to adjacent structures;

s  avoid causing damage to non-structures such as finishes/partitions/fixings.

The deformation control requirements may be satisfied by either following the
deemed-to-satisfy rules with respect to maximum span/effective depth ratio given
in Clause 7.3.4 without carrying out any direct calculation or by direct calculation
of the deflection of the structure according to Clause 7.3.5 and checking of the
deflection results against the permitted values.

To avoid impairing the appearance and general functioning of the structure, the
permanent sag (the total long-term vertical deflection under guasi-permanent
loads) should not exceed span/250. Pre-cambering may be used to compensate
for some or all of the permanent sag, but any pre-cambering should not be larger

than span/250.

To avoid causing damage to adjacent structural or non-structural parts of the
structure, the long-term vertical deflection after comstruction under gquasi-
permanent loads should not exceed span/500, It should be noted that it is the
deflection of the structure after the adjacent parts are connected to the structure
(i.e. after construction) that causes damage to the adjacent parts; the deflection of
the structure before the adjacent parts are connected to the structure has no effect.
Hence, pre-cambering would not help to avoid causing damage to the adjacent
parts. It should also be noted that although the dead loads are usually applied
before the adjacent parts are connected to the structure, the creep of the structure
under dead loads could contribute to deflection of the structure after the adjacent
parts are connected to the structure. In reality, the adjacent parts could be
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connected to the structure at different times during construction. Therefore, if
eonsidered necessary, the actual time of connection should be taken into account
in the deflection calculation,

Excessive response to wind loads

The response of the structure under wind loads may be assessed using either
static or dynamic analysis.

When carrying out sfatic analysis, the static characteristic wind loads should be
applied to the building and then the lateral deflections at top and every storey of
the building evaluated. The lateral deflection at top of the building should not
exceed height/500, while the relative lateral deflection in any one storey should
not cause damage to the partitions, claddings and finishes etc. Depending on the
wind environment, the height/width ratio and the structural efficiency (in terms of
lateral load resistance) of the building, this top deflection limit of height/300 may
govern the design of a tall building. Hence, for a relatively tall building (more
than, say, 40 storeys high), every effort should be made to maximize the lateral
stiffness of the building, e.g. by converting the non-structural partition walls into
structural walls, aligning the shear walls so that they can be coupled together,
increasing the depth of the coupling beams so as to increase the effectiveness of
the coupled shear walls, incorporating out-rigger trusses/beams to make good use
of the peripheral columns, putting in diagonal bracing members if practicable,
and reducing the shear lag of any framed tubes etc, On the other hand, if the
relative lateral deflection in any one storey is likely to cause damage to the
partitions, claddings and finishes, the mountings of the partitions, claddings and
finishes should be detailed to allow for such deformation.

Where a dynamic analysis is undertaken, wind speeds based on a 10-vear return
period of 10 minutes duration should be adl:!ptad The resulting peak a:c:ll:ratmn
of the building should not exceed 0.15 m/s’ for a residential building or 0.25 m/s’
for an office or a hotel building. If dampers are incorporated to reduce the wind-
induced vibration, the design should be supported by dynamic analysis following
specialist advice,

It is interesting to compare the above peak acceleration limits of 0.15 m/s” and
0.25 m/s’ in the code to the corresponding acceleration limits for different
comfort factors given in the explanatory notes to the Chinese Code JGJ 3-2002,
which are summarized below:

Comfort factor Acceleration limit (in terms of g and m.-‘szt
Mo feeling < 0.005g (< 0.05 m/s%)

[ ]

. Feeling 0.005g ~ 0.015g (0.05 ~ 0.15 m/s")
. Disturbing 0.015g~0.05 g (0,15 ~ 0.5 m/s")
. Very disturbing 0.05g ~0.15 g (0.5~ 1.5 m/s%)

. Intolerable =015 (> 1.5 m/s")

Hence, the peak acceleration limit of 0.15 m/s” is approximately the limit that
sensitive occupants will feel disturbing, while the peak acceleration limit of 0.25
m/s* falls well within the range that average occupants will feel disturbing.
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Excessive vibration

Excessive vibration may cause discomfort or alarm to the occupants, To avoid
causing discomfort or alarm, long-span floor/footbridge structures should be
analysed for their dynamic behaviour under fluctuating loads so as to ascertain
their acceptability in terms of vibration control,

If there is any machinery generating vibration that could cause nuisance to the
occupants, the machinery should be isolated so that its vibration would not be
transmitted to the floor.

If there is any sensitive equipment whose functions could be affected by
vibration, it should be easier to isolate the equipment from the floor vibration
than to reduce the vibration of the floor.

Limiting deflection without direct calculation (deemed-to-satisfy)

In normal circumstances, provided the deemed-to-satisfy limits given in the code
with respect to span‘effective depth ratios are complied with, no direct
calculation of the deflection is required. However, if for some reason, deflection
limits more stringent than those stipulated in the code are to be enforced, more
rigorous checks would be necessary.

Table 7.3 of the code gives the maximum limits of span/effective depth ratios 1o
be applied to rectangular beams, flanged beams and solid slabs with different
support conditions for complying with the permanent sag and deflection after
construction requirements in Clause 7.3.1. Mo allowance has been made for any
pre-camber in the derivation of these limits,

The deemed-to-satisfy maximum limits of span/effective depth ratios in Table 7.3
are fairly conservative and may be exceeded if direct caleulation of deflection has
been carried out to verify compliance with the requirements in Clause 7.3.1.

If it is not necessary to limit the deflection of the structure after construction (Le.
if the deflection of the structure afier construction is unlikely to cause any
damage), Table 7.3 may be applied to spans longer than 10 m without any
modification. But if it is necessary to limit the deflection of the structure after
construction, the values in Table 7.3 should be multiplied by the ratio [0/span
(the span should be expressed in m) before applving to spans longer than 10 m,
except for cantilevers where the design should be justified by direct calculation.

To allow for the effects of the amount of tension reinforcement (which may be
estimated from the design ultimate moment) and the service stress (which may be
estimated from the ratio of area of tension reinforcement required to area of
tension reinforcement provided), the maximum limits of span/effective depth
ratios in Table 7.3 of the code should be multiplied by the modification factors
given in Table 7.4 of the code. The modification factor varies from 0.76 for a
heavily loaded member to 2.0 for a lightly loaded member.
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To allow for the effect of the amount of compression reinforcement (expressed in
terms of the compression steel area ratio provided), the maximum limits of span/
effective depth ratios in Table 7.3, after being multiplied by the modification
factors given in Table 7.4, should be further multiplied by the modification
factors given in Table 7.5.

The code suggests that if creep or shrinkage of the concrete could be particularly
high or if other abnormally adverse conditions are expected, the permissible
span/effective depth ratios should be suitzbly reduced. However, it is not
mentioned how the reductions in permissible span/effective depth ratios should
be determined. The author would like to propose that, in such case, the deflection
control should be exercised by direct calculation of the deflection of the structure,
taking into account the creep/shrinkage of the concrete and any abnormally
adverse conditions, and checking the deflection results against the permissible
deflection limits. Unfortunately, the shrinkage of conerete in Hong Kong is quite
high and it seems that we cannot avoid this problem.

There is actually another problem that may be more serious. The elastic modulus
of the concrete in Hong Kong is relatively low and thus the maximum span/
effective depth ratios given in Table 7.3 of the code, which are based on BSE110:
Part 1: 1997, may have 1o be adjusted to reflect the difference in elastic modulus.
Further research on this topic 15 needed.

Caleulation of deflection

For deflection control by direct calculation, only the long-term deflections (the
total deflection and the deflection after construction) under the quasi-permanent
load combination need to be evaluated and checked. The gquasi-permanent load
combination comprises of the dead load and the quasi-permanent values of the
imposed loads, Since the dead load is known to within close limits, lack of
knowledge of the precise guasi-permanent values of the imposed loads is not
likely to be a major source of error in the deflection caleulation. The main
difficulties are with estimation of the rotational restraint/stiffness of the supports,
realistic structural modelling of the non-structures, allowing for creep effects and
allowing for tension stiffening of cracked concrete etc.

The deflection of a member subjected to flexure may be calculated from the
curvature using the following equation:

da _1

axtoon
where a is the deflection at x and 1/r, is the curvature at x. The deflection a
may be obtained by calculating the curvature 1/r, at successive sections along the

member and solving the above equation by numerical integration. Alternatively,
the following approximate formula may be used:
2
a=K =
T
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where [ is the effective span of the member, I/r, is the curvature at mid-span or
for cantilevers at the support section, and K is a coefficient depending on the
shape of the bending moment diagram. The K values are given in Table 7.6 of
the code. It should be noted that the & values for cantilever spans are generally
much larger than those for simple and continuous spans.

The above methods are applicable only to relatively simple cases. In more
complicated cases, the finite element method may have to be used.

7.3.6 Caleulation of curvature

The curvature of a section may be calculated based on the following assumptions:

Cracked section:

#  plane sections remain plane;

e the reinforcement is elastic with an elastic modulus of 200 kN/mm®,

s  the concrete in compression is elastic;

= the tensile stress develu;)ed in the concrete varies from 0 N/mm® at the
neutral axis to 1.0 N/mm” instantaneously or 0,55 N/mm? in the long-term at
the level of the tension reinforcement within the tension zone.

Uncracked section:

#  plane sections remain plane;

»  the reinforcement is elastic with an elastic modulus of 200 kN/mm®;

s the concrete in compression and in tension 15 elastic;

= the ma}ximmn tensile stress developed in the concrete 15 not larger than 1.0
N/mm",

In assessing the long-term curvature, the creep effect has to be taken into account
by using the long-term elastic modulus of concrete in the analysis. The long-term
elastic modulus may be taken as 1/{1+¢) times the short-term elastic modulus,
where ¢ is the appropriate creep coeflicient,

The shrinkage curvature of the concrete should be added to the curvature due to
dead and imposed load. It may be calculated using the following equation:

1 _ P E

P d

where 1/r, is the shrinkage curvature, £, is the shrinkage strain, p, is a
coefficient depending on the tension and compression steel ratios and 4 is the |
effective depth of the section. The values of p, are given in Table 7.7 of the

code, It is noteworthy that the addition of more tension reinforcement might not
help to reduce the shrinkage curvature but increasing the effective depth would.

From Figure 7.2 of the code, it can be seen that the total long-term curvature |
consists of three components:

{1y the long-term curvature due to the permanent load;

(2) the shrinkage curvature; and

{3} the instantaneous curvature due to increase of permanent load to total load.
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8.1

8.2

REINFORCEMENT: GENERAL REQUIREMENTS

General

The reinforcement detailing rules given herein are applicable only to normal steel
reinforcement, welded fabric and prestressing tendons. They are not applicable
to painted, epoxy or zinc coated bars,

The detailing rules are also applicable only to normal building structures
subjected predominantly to static loading. They are not applicable to structures/
elements subjected to seismic loading, impact loading, machine vibration and
fatigue.

For reinforcing bars to be fitted within two concrete faces, the overall dimension
on the bending schedule should be determined as the nominal dimension of the
concrete minus the nominal cover on each face minus the appropriate deduction
given in Table 8.1 of the code.

Spacing of reinforcement

The spacing and arrangement of the bars should be such that the concrete can be
placed and compacted properly and the bars are adequately bonded or anchored.

The clear horizontal distance between individual parallel bars and the clear
vertical distance between horizontal layers of parallel bars should be not less than
the maximum of the following:

*  bar diameter;

s  maximum size of aggregate + 5 mm;

» 20 mm.

Bars positioned in separate horizontal layers should be located vertically above
each other so as to allow access for vibrators to compact the concrete undemeath
the bars,

Permissible internal radii for bent bars

The minimum internal radii for bent bars should be such that:

# the bars would not fail by having bending cracks;

# the concrete inside the bends would not fail because of high bearing stress
acting from the bars,

To avoid cracking failure of the bars, the minimum internal bend radii should be
as given in Table 8.2 of the code (i.e, 3¢ when ¢ < 20 mm and 4¢ when ¢ > 20
mm, in which & is the bar diameter). In no case should the minimum internal
bend radius be less than twice the internal radius of the test bend guaranteed by
the manufacturer.

Lkl

- | TR -
e L e R A A A P H OB 5 =




If the minimum internal bend radius is not less than the respective limiting value

given in Table 8.2 of the code and one of the following conditions is satisfied, the

design bearing stress inside the bends needs not be checked:

* the anchorage of the bar does not require a length more than 4¢ past the end
of the bend;

=  the bar is assumed not to be stressed bevond a point 4@ past the end of the
bend at ultimate limit state; or

+  there is a cross bar of diameter = ¢ inside the bend,

Otherwise, the design bearing stress inside the bends should be checked to avoid
concrete failure. The design bearing stress should be checked using the following
equation:

. K
bearing stress = £ < [irﬂ—-
142

2
dy,

where F, is the tensile force from ultimate loads at the start of the bend, » is the
internal radius and a, is the centre-to-centre distance between the bars or the
cover plus bar diameter, whichever is the smaller.

84  Anchorage of longitudinal reinforcement

All longitudinal reinforcing bars, wires or welded fabrics should be properly
anchored at each of their ends to transmit their forces to the concrete without
causing longitudinal splitting or spalling. Longitudinal splitting or spalling may
occur because the bond stress developed at the bar/concrete interface could
induce bursting pressure onto the surrounding concrete thereby subjecting the
concrete to circumferential tension. If necessary, transverse reinforcement should
be provided to avoid such kind of failure.

At any section, each bar should be properly anchored at both sides of the section
by an appropriate anchorage length or other end anchorage. Provided this is
done, local bond stress needs not be checked.

The anchorage bond stress f, may be assumed to be uniformly distributed over

the effective anchorage length and taken as the force in the bar divided by the
effective anchorage area, as given by the following equation:

-
Ty Yy

where F; is the force in the bar and / is the effective anchorage length.

The anchorage bond stress f, should not exceed the design ultimate bond stress
fiu given by:

fm=ﬁﬁ

where f is a coefficient depending on bar type and 7, is limited to 60 N/mm’.
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For bars in beams where minimum links have been provided in accordance with
Table 6.2 of the code, the values of # may be taken from Table 8.3 of the code.
For bars in beams where minimum links have not been provided in accordance
with Table 6.2 of the code, the values of § should be taken as those appropriate
to plain bars irrespective of the bar type. For bars in slabs, the values of § may
be taken from Table 8.3 of the code. It should be noted that although the code

says that Table 8.3 is for bars in tension, the table is actually applicable to both
bars in tension and bars in compression.

The required anchorage length may be calculated using the following equation:
foft

Ib=_

4o
where £, is the ultimate stress developed in the bar taken as 0.87 £, . Substituting
the values of £, and f,, into the eguation, the required anchorage lengths,
expressed as multiples of bar diameter, may be obtained as tabulated in Table 8.4
of the code. Note that although the equations used are the same as those in
BS&110: Part 1: 1997, since the material safety factor of steel is 1.15 in the new
code but is 1.05 in BS8110, the required anchorage lengths in the new code are

not the same as those in BS8110. As a rule of thumb, an anchorage length of 40
times bar diameter should be sufficient in most cases.

Bends and hooks are effective anchorage for bars in tension but are not effective
for bars in compression. Bearing failure of concrete inside the bends should be
prevented by ensuring that the minimum internal bend radius complies with the
requirement in Table .2 and that either the anchorage does not require a length
more than 4¢ past the end of the bend or the bearing stress inside the bend
satisfies the requirement of Equation 8.1,

Regarding the effective anchorage length of a bend or a hook, both BS8110 and
Furocode 2 have provided some guidelines. Herein, it is suggested to follow
BS8110. According to Clause 3.12.8.23 of BS&110: Part 1: 1997, the effective
anchorage length of a bend or hook is the length of a straight bar which would be
equivalent in terms of anchorage to that portion of the bar between the start of the
bend and a point 4 times the bar diameter beyond the end of the bend. This
effective anchorage length may be taken as:

For a 90° bend: either 4 times the internal radius of the bend with a maximum of
12 times the bar diameter, or the actual length of the bar, whichever is greater.

For a [80° hook: either 8 times the internal radius of the hook with a maximum of
24 times the bar diameter, or the actual length of the bar, whichever is greater.

If the internal radius is at least 3 times the bar diameter, then the effective
anchorage length should be the maximum of (12 times the bar diameter or actual
length of bar) for a 90" bend or the maximum of (24 times the bar diameter or
actual length of bar) for a 180" hook.

For bottom bars in simply supported beams, no bend or hook should begin before
the centre of the support or before half of the effective depth from the face of the
support (see Clause 9.2.1.7 of the code).
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8.5  Anchorage of links and shear reinforcement

Each end of a link or shear reinforcement should be anchored by one of the

following means:

+  passing round a longitudinal bar of at least the same bar size to form a bend
ot hook and continuing for a certain minimum length bevond the bend, or

= welding to it at least one or two perpendicular bars (the perpendicular bars
may be longitudinal or transverse).

The detailed requirements for the bends’hooks or welded bar anchorages are
shown in Figure 8.2 of the code.

8.6  Anchorage by welded bars

Additional anchorage may be provided by welding transverse bars (also called
cross bars) bearing on the concrete, as shown in Figure 8.3 of the code,

If there is one such welded transverse bar, the anchorage capacity F,,, may be
calculated as:

Fog = Iy & o, but not greater than F,

in which /; is the design length of transverse bar, ¢, is the diameter of transverse
bar, o, is the concrete stress and F,, is the design shear strength of weld,

If there are two such welded transverse bars, one on each side of the bar to be
anchored, the capacity given by the above equation should be doubled.

If there are two such welded transverse bars, on the same side of the bar to be
anchored with a minimum spacing of 3 times the bar size, the capacity should be
multiplied by a factor of 1.4,

8.7  Laps and mechanical couplers

Axial force may be transmitted from one bar to the next in the same direction by:
¢ lapping of bars;

e welding (not for joints subjected to cyclic loading to avoid fatigue failure);
*  using a mechanical coupler.

The requirements for mechanical couplers have already been stipulated in Section
3.2. Hence, only the requirements for laps are given in this section. Most of the
requirements for laps in the new code are adopted from Eurocode 2 and BS8110:

Part 1: 1997,

The detailing of laps between bars should be such that:
¢ transmission of forces from one bar to the next is assured;

» spalling of concrete cover near the lap does not occur; and
* longitudinal cracks along the bars do not occur.
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Laps between bars should not be located in areas of large moments/forces or
expected plastic hinge locations and should preferably be staggered. As a general
principle, laps in any section should be arranged symmetrically. Moreover, to
ensure proper consolidation of concrete, the sum of reinforcement sizes in a
particular laver should not exceed 40% of the breadth of the section at that level.

Main bars in compression and secondary (distribution) bars in tension or
compression may be lapped in one section. However, main bars in tension must
not be lapped in one section unless the requirements stipulated in Figure 8.4 of
the code are complied with.

The requirements stipulated in Figure 8.4 of the code are:

o clear transverse distance between two lapping bars should not be greater
than d4¢ or 50 mm; otherwise, the lap length should be increased;

¢ longitedinal distance between adjacent laps should not be less than (0.3 times
the lap length; and

»  clear distance between adjacent bars in adjacent laps should not be less than
2¢ror 20 mm.

If these requirements are met, all the main bars in tension and in one layer may be

lapped in one section. However, despite satisfaction of these requirements, main

bars in tension and in several layers should have at most 50% of them lapping at

any one section.

Minimum lap length:

The minimum lap length should be:

e for bar reinforcement: not less than 15¢ or 300 mm;
»  for fabric reinforcement: not less than 250 mm.

Tension lap length:

The tension lap length should be at least equal to the design tension anchorage

length. If the lapped bars are of unequal size, the lap length may be based on the

smaller bar. Under the following conditions, the tension lap length needs 10 be
increased (an illustration has been given in Figure 8.5 of the code):

{a) ifthe lap is at top of a section as cast and the minimum cover is less than 24,
the lap length should be increased to 1.4 times the anchorage length;

(b) if the lap is at a corner of a section as cast and the minimum cover 1o either
face is less than 24, the lap length should be increased to 1.4 times the
anchorage length;

{e) if the clear distance between adjacent laps is less than 6¢ or 73 mm, the lap
length should be increased to 1.4 times the anchorage length;

{d) if both conditions (a) and (b) apply, the lap length should be increased to 2.0
times the anchorage length;

(e) if both conditions (a) and (c) apply, the lap length should be increased to 2.0
times the anchorage length,

There are three basic reasons why the lap length has to be increased for laps at

top, laps at comers, laps with relatively small cover and laps with relatively small

clear distance from each other. Firstly, concrete as cast is not entirely uniform.

When a fresh concrete is placed, the solid panticles in the concrete mix will tend

to sink because of their heavier weight compared to water (this downward
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movement of the solid particles is called sedimentation). Due to sedimentation of
the solid particles, the water in the concrete mix will rise to the top (this wpward
movement of the water is called bleeding). As a result, the conerete near the top
has a higher water/cementitious ratio and a lower strength whereas the conerete
near the bottom has a lower water/cementitious ratio and a higher strength.
Moreover, near the top of a section, the concrete underneath fixed reinforcing
bars tends to be less densely compacted (mainly because of sedimentation) and
generally contains more bleeding water (because uprising water has been trapped
there). Due to both higher water/cementitious ratio at the top and lower quality
of concrete underneath top reinforcing bars, the bond strength of concrete is
significantly lower near the top. Secondly, the bond strength is dependent on
how well the reinforcing bars are embedded. If the bars are not sufficiently well
embedded, e.g. if the bars are located at corners or the bars are not provided with
generous cover, the bond strength tends to be weaker. Thirdly, a ¢lose spacing of
adjacent laps could lead to spalling or longitudinal cracking of the concrete cover,
which would then weaken the bond between the concrete and the reinforcing
bars.

Compression lap length:

The compression lap length should be at least equal to 1.25 times the design
compression anchorage length. If the lapped bars are of unequal size, the lap
length may be based on the smaller bar.

Transverse reinforcement:

Transverse reinforcement is needed for both tension and compression laps to

resist the transverse tension forces, which tend to cause spalling or longitudinal

cracking of the concrete, Where ¢ is less than 20 mm or the percentage of lapped

bars is less than 25%, any transverse reinforcement provided for other purposes

may be assumed sufficient for the transverse tension forces without further

justification, Otherwise, transverse reinforcement at least equal to the area of one

lapped bar should be added. If more than 50% of the bars are lapped at one

section and the distance between adjacent laps is not greater than 10g, the

transverse reinforcement should be formed by links or U-bars anchored into the

body of the section. In compression laps, one additional transverse bar should be |
placed beyond each end of the lap length and within 4¢ of the end of the lap
length to resist the burst forces induced by end bearing of the compression bars,
Any transverse reinforcement provided should be positioned at the outside of the

laps.

8.8  Additional rules for large diameter bars

The definition of large diameter bars may vary from place to place (Eurocode 2
allows different definitions to be adopted in different countries). In the new code,
bars of diameter larger than 40 mm are regarded as large diameter bars. For such
large diameter bars, the additional rules in Section 8.8 of the code would apply.
These additional rules are necessary because with the use of large diameter bars,
the splitting and dowel forces are greater and erack control would be more critical
and difficult.
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8.9

When large diameter bars are used, crack control should be achieved either by
using surface reinforcement or by direct caleulation (as per Clause 7.2.3 of the
code). The code refers to Clause 9.2.4 for the design of the surface reinforcement
but there is no Clause 9.2.4 in the code. The code is actually referring to Clause
9.2.4 of Eurocode 2. According to Clause 9.2.4 and Annex J of Eurocode 2,
surface reinforcement should be provided to resist spalling wherever the main
reinforcement is made up of large diameter bars. If provided, the surface
reinforcement should consist of wire mesh or small diameter bars and be placed
outside the links. The area of surface reinforcement should not be less than
0.01 4, ., in the direction perpendicular to the large diameter bars and 0.02 4,

paralle] to those bars.

Large diameter bars should be anchored with mechanical devices. As an
alternative, they may be anchored in the form of straight bars, but links should be
provided as confining reinforcement to prevent splitting,

In the anchorage zones of the large diameter bars, if transverse compression is
not present, transverse reinforcement in the form of links, additional to that
provided for other purposes, should be provided. For straight anchorage lengths,
the additional transverse reinforcement should not be less than the following:

& in the direction paralle] to the tension face, A, =025 4

s in the direction perpendicular to the tension face, 4, =0.25 4 n,

The additional transverse reinforcement bars should be uniformly distributed in

the anchorage zone and their spacing should not exceed 5 times the diameter of
the large diameter bars.

Generally, large diameter bars should not be lapped, except in sections with a
minimum dimension of 1.0 m or where the stresses in the bars are not greater
than 80% of the design ultimate strength. For large diameter bars, the use of
mechanical couplers should be preferred.

Bundled bars

In a bundle, all the bars should be of the same type and grade. The bars may be
of different sizes provided the ratio of diameters does not exceed 1.7.

A bundle of bars may be treated as equivalent to a notional bar having the same
sectional area. The number of bars in the bundle is limited 1o a maximum of 4
for vertical bars in compression and bars in a lapping joint or to a maximum of 3

for all other cases. Moreover, the equivalent diameter is limited to not greater
than 55 mm.

Tension anchorages of bundled bars:

For tension anchorages, a bundle of bars with an equivalent diameter smaller than
312 mm may be curtailed near a support without staggering (in this case, the
required anchorage length should be based on the equivalent diameter of the
bundle). However, a bundle of bars with an equivalent diameter greater than or
equal to 32 mm, which are to be anchored near a support, needs to be curtailed in
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1

a staggered manner as shown in Figure 8.8 of the code. Basically, the second bar
should be curtailed at a distance of at least 1.3/, from the end of the first bar and

the third bar should be curtailed at a distance of at least J, from the end of the
second bar (in this case, the value of J, should be based on the diameter of an
individual bar).

Compression anchorages of bundled bars:

For compression anchorages, a bundle of bars, regardless of its equivalent
diameter, may be curtailed without staggering. For a bundle of bars with an
equivalent diameter greater than or equal to 32 mm, at least four links having a
diameter of not less than 12 mm should be provided at each end of the bundle and
a further link should be provided just bevond the end of the bundle. The five
links are to serve as confining reinforcement to prevent splitting.

Lapping of bundled bars:

For a bundle consisting of not more than two bars and with an equivalent
diameter less than 32 mm, the bundle of bars may be lapped without staggering
{in this case, the equivalent diameter should be used to calculate the lap length).
Otherwise, the lapping should be staggered in the longitudinal direction by at
least 1.31, (in this case, the value of i, should be based on the diameter of an
individual bar). A fourth bar of the same size may be used to form the staggered
lap without cranking the bars or shifting the centroidal axis of the bundle, as
shown in Figure 8.9 of the code. At any lap location, there should not be more
than four bars. For this reason, a bundle of more than three bars should not be

lapped.

.10 Prestressing tendons

Layout of pre-tensioned tendons!

The minimum elear horizontal spacing of pre-tensioned tendons should be not
less than the maximum of the following:

e tendon diameter;

*  maximum size of aggregate + 5 mm;

e 20 mm,

The minimum clear vertical spacing of pre-tensioned tendons should be not less
than the maximum of the following:

» tendon diameter;

»  maximum size of aggregate.

her layouts may be used provided that test results have shown satisfactory
ultimate behaviour with respect to proper anchorage of the tendons, concrete
compression at the anchorages, spalling of concrete and placing of concrete
between the tendons. Bundling of tendons should not be allowed within the
anchorage zones, unless it has been shown that there are no problems with
placing and compaction of concrete and bonding of the tendons. It should be
noted that the above minimum clear spacing requirements are not as stringent as
those stipulated in Eurocode 2 and therefore care should be exercised to check
during field applications whether the above requirements are sufficient to ensure
satisfactory performance.
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Layout of post-tensioned tendons:

The minimum clear horizontal spacing of post-tensioned tendons should be not
less than the maximum of the following:

e duct diameter,

*  maximum size of aggregate + 5 mm:

= S0 mm.

The minimum clear vertical spacing of post-tensioned tendons should be not less
than the maximum of the following:

e  duct diameter;

*  maximum size of aggregate;

« 40 mm.

Bundling of ducts should not be allowed except in the case of a pair of ducts
placed vertically one above the other. Where curved tendons are used,
appropriate measures (such as positioning of the tendon ducts and provision of
bursting and restraining reinforcement) should be taken so as to prevent:

¢  bursting of the side cover perpendicular to the plane of curvature;

+  bursting of the cover in the plang of curvature;

» crushing of the concrete separating duets in the same plane of curvature.

In order to prevent bursting of the side cover perpendicular to the plane of
curvature, the cover should be in accordance with the values given in Table 8.6 of
the code. In order to prevent bursting of the cover in the plane of curvature,
which tends to occur at locations where the curved tendons run close to an
external surface of concrete and develop radial forces acting outwards, restraining
reinforcement should be provided to tie the tendons back into the core of the
concrete member. In order to prevent crushing of the conerete between ducts, the
above minimum clear spacing requirements should be met and the minimum
spacing in the plane of curvature should be in accordance with the values given in
Table 8.7 of the code.

Anchorages of pre-tensioned fendons:

The design of the anchorages should be such that:

» sufficient transmission lengths are developed to avoid bond-slip failure; and
» longitudinal splitting of concrete due to stress concentration is avoided.

The transmission length of a tendon in concrete is dependent on:

»  type, size and surface condition of the tendon,

» degree of compaction and strength of the conerete; and

» location of tendon.

Transmission lengths for tendons near the top are generally greater than those for
identical tendons near the bottom. This is due to sedimentation and bleeding of
the concrete mix during the plastic stage (sedimentation causes the concrete
underneath the top tendons to be less densely compacted while bleeding causes
the concrete near the top to have a higher water/cementitious ratio), as in the case
of ordinary reinforcing bars in concrete, It should be noted that the transmission
length can vary a great deal for different factory or site conditions. For example,
it has been shown that the transmission length for wires and strands may vary
between 100 and 160 diameters. As far as possible, therefore, the transmission

length assumed in the design should be based on experimental evidence for the

known factory or site conditions. In the absence of test data, the following
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equation may be used to estimate the transmission length [ for initial
prestressing forces up to 75% of the characteristic strength of the tendons:

in which £, is the concrete strength at transfer, ¢ is the nominal diameter of the
tendon and K, is a coefficient depending on the type of tendon. From the values
presented in the code, it can be seen that K, varies from 240 for 7-wire standard
or super strand to 600 for plain or indented wire.

Anchorages/couplers/deviators of posi-tensioned tendons:
The design of each anchorage should take into account:
»  bearing stress behind the anchorage plate;
e  bursting forces around the anchorage;
» spalling of concrete around the anchorage; and
+ overall equilibrium of the anchor block.
The bearing capacity of concrete is dependent on how localized the bearing siress
is and the amount of confinement provided. The code has not provided any
guideline for checking the bearing stresses behind the anchorage plates; specialist
literature should be consulted for such purpose. On the other hand, the bursting
torces should be evaluated using an appropriate strut and tic model. For such
kind of modelling, readers should refer to Clause 6.5 of Eurocode 2 (the code
refers to Clause 6.5 of the code, which has nothing to do with strut and tie
modelling).  As a simplification, the concentrated prestressing force may be
assumed to disperse at an angle of spread of 24 starting at the end of the
anchorage device, where § may be assumed to be 33.7°. Where couplers are
used, they should be designed in accordance with the specification of the
prestressing system and should be so placed that they would not affect the
bearing capacity of the member and that any temporary anchorage needed during
construction could be introduced in a satisfactory manner. In general, couplers
should be located away from supports. The placing of couplers for 50% or more
of the tendons at one section should be avoided unless it can be shown that the
temporary anchorage of such a high proportion of the total tendon forces at one
section would not cause any safety problem. Where deviators are provided, each
should be designed to satisfy the following requirements:

# the deviator should be able to withstand both longitudinal and transverse
forces that the tendon applies to it and transmit these forces to the structure;
and

«  the deviator should have a suitable radius of curvature to ensure that the
tendon within the deviator would not cause any overstressing or damage to
it.

In the deviator zones, the tubes forming the sheaths should be able to sustain the
radial pressure and longitudinal movement of the tendons, without causing any
damage and without impairing its proper function. The forces developed by the
change of angle using a deviator should be taken into account in the design
caleulations. If the angle of deviation is less than 0.01 radian, a deviator may not
be necessary.
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9.2

9.2

DETAILING OF MEMBERS AND PARTICULAR RULES

General

The detailing requirements in this chapter supplement those in Chapter 8 and
have to be complied with at the same time.

Beams

Longitudinal reinforcement

The minimum percentages of longitudinal reinforcement to be provided are given
in Table 9.1. These minimum percentages are based on BS8110: Part 1: 1997
The basic principle for the provision of minimum tension reinforcement is to
ensure that the cracked concrete section would have at least the same tensile or
flexural strength as the uncracked conerete section so that when concrete cracks,
the section would not fail immediately. The basic principle for the provision of
minimum compression reinforcement is to ensure the attainment of a certain level
of ductility when the surrounding concrete fails in compression. The basic
principle for the provision of minimum transverse reinforcement in flanges is to
cater for the bursting forces when the web horizontal shear forces transmitted to
the flanges are dispersed into the flanges.

To avoid congestion, neither the area of tension reinforcement nor the area of
compression reinforcement should exceed 4%. At laps, the sum of the bar sizes
in a particular layer should not exceed 40% of the breadth of the section.

For the purpose of erack control, longitudinal bars should be added to the side
faces of beams exceeding 750 mm overall depth. The minimum size of the

longitudinal bars in the side faces should be ,l'i:-e:,, f:-l,u",,l';i where 3, is the bar

spacing and b is the breadth of the section or 500 mm if & > 500 mm. The bar
spacing of such longitudinal bars should not exceed 250 mm.

Also for the purpose of crack control, the clear distance between bars or groups
of bars near the tension face should be limited by:

TO000 £,

¥

where f, is the moment redistribution ratio. Alternatively, the clear spacing may
be assessed by:

clear spacing = = 300 mm

47000

in which 7, is the estimated service stress in the reinforcement. The distance

between the face of the beam and the nearest longitudinal bar in tension should
not be greater than half of the clear distance determined above.

clear spacing < £ 300 mm
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The code sugpgests that in monolithic construction, even when simple supports
have been assumed in the design, the sections at supports should be designed for
a hogging moment arising from partial fixity of at least 15% of the maximum
sagping moment in the span. However, the author does not recommend the
practice of assuming monolithic joints as simple supports because such practice,
even with the joints designed for 15% of the maximum bending moment in the
span, could lead to cracking of the joints. Monolithic joints should be designed
as monolithie joints with perhaps some redistribution of moment applied after
obtaining the moment diagram. Simplification just for the purpose of saving time
in the design calculations is not a good practice. The performance of the finished
structure should be the primary consideration.

S —— o .

At intermediate supports of continuous beams, the tension reinforcement in the
flange of a flanged section may be spread over the effective width of the flange !
provided that at least 50% of the total area of tension reinforcement is placed
within the web width.

Except at end supports, in every flexural member, every bar should extend
beyond the point at which it is no longer needed (the point at which it 15 no longer
needed is the point where the design resistance moment of the section,
considering only the continuing bars, is equal to the design moment at ultimate
limit state) for a distance of at least the effective depth of the member or 12 times
the bar diameter, whichever is larger. In addition, every bar in tension should
extend:
#  beyond the point at which it is no longer needed to assist in resisting bending
moment for a distance equal to the anchorage length appropriate to its design

strength (0.87 £ ); or

s (o the point where the design shear capacity of the section is greater than
twice the design shear force at that section; or

= (o the point where other bars continuing past that point provide double the
area required to resist the design bending moment at that section.

Curtailment of a substantial amount of reinforcement at any section could lead to
the development of large longitudinal and transverse cracks and should be
avoided. It is therefore advisable to stagger the curtailment points in heavily
reinforced members.

At an end support, which acts as a simple support, at least 50% of the calculated
mid-span bottom reinforcement should be extended to the end support and
anchored there by one of the following:

i e an effective anchorage length of 12 times the bar diameter beyond the centre
of the support (no bend or hook should begin before the centre of the
support), or

s an effective anchorage length of 12 times the bar diameter beyond a distance
of half the effective depth from the face of the support (no bend or hook
should begin before half of the effective depth from the face of the support).

At an intermediate support of a continuous beam, at least 30% of the calculated
mid-span bottom reinforcement should be continuous through the support.
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Where a continuous beam or slab is extended beyond the end support to form a
cantilever extension, the top reinforcement of the cantilever extension should be
extended back to beyond the point of contraflexure in the adjacent span.

All compression reinforcement in beams should be properly contained by links
passing round each comer bar and each alternate bar in an outer layer having an
included angle of 135" or less, as for the case of compression reinforcement in
columns (see Clause 9.5.2.2 of the code).

Shear reinforcement

The shear reinforcement may consist of a combination of:

s links enclosing the longitudinal tension bars and the compression zone;

»  bent-up bars; and

o cages or ladders not enclosing the longitudinal bars but are properly
anchored at each end in the compression and tension zones.

At least 50% of the necessary shear reinforcement should be in the form of links.

The minimum links to be provided should be in accordance with Table 6.2 of the
code, i.e.:

A, 2 v b s (0871.)

in which v, is the nominal shear strength to be provided. For fy < 40 Nimm®, v, =
0.4 N/mm® while for 7, > 40 N/mm®, v, = 0.4 (f/40)" N/mm® with f;, taken as
&0 N/mm® when it is higher than 80 N/mm® (note that the formula given in
Clause 9.2.2 of the code is applicable only when f;, < 40 N/mm®).

In the direction of the span, the maximum spacing of the links should not exceed
0,75 times the effective depth. In the direction perpendicular to the span, every
longitudinal tension bar should be within 150 mm from a vertical leg of a link, a
cage or a ladder.

Torsion reinforcement

The torsion reinforcement should consist of rectangular closed links together with
longitudinal reinforcement and is additional to any requirements for shear or
bending.

The torsion links should be closed by laps or anchored by 135° hooks. Some
recommended shapes are shown in Figure 9.1. They should be placed in a plane
perpendicular to the axis of the member. Their spacing should not exceed the
minimum of (the smaller dimension of the link, half of the larger dimension of
the link or 200 mm). On the other hand, the longitudinal reinforcement should be
distributed evenly round the inside perimeter of the links with a clear distance
between them of not exceeding 300 mm and at least four bars, one at each comer
should be provided.
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full lap length full lap length anchorage length

Figure 9.1 Some torsion link arrangements ,

9.3 Solid slabs

9.3.1 Flexural reinforcement

The minimum tension reinforcement to be provided in each direction shall be the
same as that for rectangular beams.

In one-way slabs, secondary transverse reinforcement of not less than 20% of the
prineipal reinforcement should be provided. In areas near supports, transverse
reinforcement to the pnncipal top bars needs not be provided where there 15 no
transverse bending moment.

| The maximum spacing of reinforcing bars in slabs should comply with the
; following requirements, which are adopted from Eurocode 2 (h is the total depth
of slab):
In general areas without concentrated loads:
# for the principal reinforcement, max. spacing < 3 b £ 400 mm; and
| s for the secondary reinforcement, max. spacing < 3.5 h < 450 mm.
In areas with concentrated loads or areas of maximum moment:
#  for the principal reinforcement, max. spacing < 2 h £ 250 mm; and
# for the secondary reinforcement, max. spacing = 3 & < 400 mm.

It is also suggested in the code that no further check is required on bar spacing if
either (this is derived from BSE110: Part 1; 1997): ;
= max. spacing < A = 250 mm (grade 250 steel); i
®  max. spacing = k = 200 mm (grade 460 sieel); or

= the percentage of required tension reinforcement is less than 0.3%.

Where none of these conditions applies, the bar spacings should be limited to the
values calculated in Clause 9.2.1.4 of the code.
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Curtailment and anchorage of tension reinforcement in slabs may be carned out -
in accordance with Clause 9.2.1.6 of the eode as for tension reinforcement in =
beams.

At an end support, which acts as a simple support, at least 50% of the calculated

mid-span bottom reinforcement should be extended to the end support and
anchored therein in accordance with Section £.4 and Clause 9.2.1.7 as for beams, =
If the design ultimate shear stress at the face of the support is less than half of v, :
a straight length of bar bevond the centreline of the support equal to 1/3 of the

width of support or 30 mm, whichever is the greater, may be considered as

cffective anchorage,

Hogging moments due to partial fixity of a support could lead to cracking. To f
control this, an amount of top reinforcement capable of resisting 50% of the :
maximum mid-span sagging moment should be provided at the support and the

top reinforcement so provided should have an effective anchorage into the

support and extend not less than (.15 times the span length or 45 times the bar

diameter into the span. As before, the author does not recommend such practice

of neglecting the partial fixity in the design calculations because this could lead

to cracking of the joint between the support and the slab, The partial fixity

should be taken into account in the design calculations and the hogging moment

so induced properly designed for.

At an intermediate support of a continuous slab, at least 40% of the calculated
mid-span bottom reinforcement should be continuous through the support.

If the detailing arrangements are such that lifting of a corner is restrained, suitable
reinforcement should be provided, as required by Clause 6.1.3.3 of the code.

Along a free edge, the slab should be provided with both longitudinal and
transverse reinforcement, as shown in Figure 9.4 of the code.

9.3.2 Shear reinforcement

Shear reinforcement, if required, should be provided in accordance with Section
6.1 of the code. However, it should be noted that it is in general difficult to bend
and fix shear reinforcement and assure its effectiveness in a thin slab, especially
if the slab is less than 200 mm thick.

9.4 Cantilevered projecting structures

The code specifies a minimum top tension reinforcement of 0.25%, a minimum
bar size of 10 mm and a maximum bar spacing of 150 mm. All the top tension |
reinforcement should be anchored with a full anchorage length beyond the centre : |
line of the supporting member and no reduction in anchorage length due to actual :

bar stress should be permitted. Apart from complying with these requirements,
the author suggests that particular attention should be paid to the risk of cracking .
at the top surface of the root of the cantilever due to stress concentration. Stress 8
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concentration and nisk of cracking at the root of the cantilever can be reduced by

(see Figure 9.2):

= adding a splay undemeath the root of the cantilever; or

« adding a splay with diagonal tie back bars inside on top of the root of the

cantilever;

so that the pull out stresses of the top tension reinforcement and the tensile

stresses of concrete are reduced. Good drainage should also be provided to aveid
| trapping of moisture at the top surface of the root of the cantilever, which may
| cause corresion of the top tension reinforcement there.

possible cracking

supporting cantilever
member

(a) Possible cracking at root of cantilever

— 1]

cantilever

supporting
member

splay

(b) Adding a splay underneath the root

splay

supporting cantilever
member

(c) Adding a splay on top of root

Figure 9.2 Adding splays to avoid cracking of cantilever structures
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951

9.5.2

Columns

Longitudinal reinforcement

The minimum requirements for longitudinal reinforcement are:

minimum total area: 0.8%;

minimum bar size: 12 mm;

»  minimum number of bars: 4 in rectangular columns or § in circular columns;
# at least one bar at each corner of a polygonal shaped column.

To avoid steel congestion, the total area of longitudinal reinforcement should not
exceed:

*  vertically cast columns: 6%;

e horizontally cast columns: 8%, and

¢ laps in vertically or horizontally cast columns: 10%.

To avoid spalling of concrete cover, the sum of the bar sizes of the longitudinal
reinforcement in a particular layer along the perimeter of the column should not
exceed 40% of the perimeter of the column, even at lap locations.

Transverse reinforcement

The transverse reinforcement is to provide nominal confinement to the concrete
in the core and to prevent the longitudinal bars from buckling. It may be in the
form of links, loops or helical spiral reinforcement.

The minimum requirements for transverse reinforcement are:
»  minimum bar size: 1/4 of the largest longitudinal bar but not less than 6 mm;
¢  maximum spacing: 12 times the diameter of the smallest longitudinal bar.

Rectangular or polygonal columns:

Links should be provided to restrain every longitudinal bar at a comer and each
alternate longitudinal bar in an outer layer of reinforcement. If necessary,
additional links should be provided such that no longitudinal bar within the
compression zone is further than 150 mm from a restrained bar. To provide
restraint, the link should pass around the longitudinal bar with an included angle
of not more than 135% The links should be anchored by means of hooks bent
through an angle of at least 135" into the concrete core.

Circular columns:

Loops or spiral reinforcement satisfying the above minimum requirements should
be provided. Loops (circular links) should be anchored with a mechanical
connection or a welded lap or by terminating each end with a 135" hook bent
around a longitudinal bar after overlapping the other end of the loop by a
minimum length, Spirals should be anchored either by welding to the previous
turn or by terminating each end with a 135" hook bent around a longitudinal bar
and at not more than 25 mm from the previous turn. Loops and spirals should not
be anchored by straight lapping, which causes spalling of the concrete cover.
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9.6

9.6.1

9.6.2

9.6.3

9.6.4

9.6.5

Walls

CGreneral

For walls subjected only to in-plane forces, the provisions in this section apply.
For walls subjected to both in-plane and out-of-plane forces, both the provisions
in this section and the provisions for slabs in Section 9.3 apply.

Wertical reinforcement

The minimum total area of vertical reinforcement is 0.4%. Where the minimum
area of reinforcement controls the design, half of the area should be located at
each face so that there would be at least 0.2% vertical reinforcement at each face
to resist expected or unexpected out-of-plane bending and to control cracking.
To control cracking, the maximum spacing between vertical bars should be 3
times the wall thackness bul not larger than 400 mm. To avoid steel congestion,
the total area of vertical reinforcement should not exceed 4%.

Horizontal reinforcement

Where the vertical compression reinforcement < 2%, horizontal reinforcement
should be provided such that:
» total area: = 0.30% for £, =250 N/mm® or = 0.25% for f, =460 N/mm’;

*  minimum bar size: 1/4 of the largest vertical bar size but not less than 6 mm;
=  maximum spacing: 400 mm.

Transverse reinforcement

Where the vertical compression reinforcement > 2%, transverse reinforcement in
the form of links should be provided such that:
=  minimum bar size: 1/4 of the largest vertical bar size but not less than & mm;
*  maximum vertical spacing: 2 times the wall thickness or 16 times the largest
vertical bar size, whichever is the smaller;
«  maximum horizontal spacing: 2 times the wall thickness;
every vertical compression bar is enclosed by a link;
no vertical compression bar is further than 200 mm from a restrained
vertical bar,
* at a restrained vertical bar, the link should pass round the bar with an
included angle of not more than 90°,

Plain walls

To provide nominal resistance and to control cracking, minimum reinforcement
in both the vertical and horizontal directions should be provided.
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Foundations

Pile caps

The main tension reinforcement should be concentrated in the stress zones
between the tops of the piles. Check should be made to ensuere that the total area
of tension reinforcement 1s not less than the minimum required as stipulated in
Table 9.1 of the code.

The code suggests that the sides and top surfaces may be unreinforeed if there is
no risk of tension developing in these areas. However, it is difficult to judge
whether there is any risk of tension developing in any parts of a pile cap. A pile
cap i3 normally guite thick and rigid. Any small vertical movement of the piles
could induce a relatively large sagging or hogging moment onto the pile cap
structure. Because of such high sensitivity to small vertical movement of the
piles, we are actually never sure of the risk of tension developing in any
particular part of the pile cap. Moreover, a pile cap is usually a massive concrete
structure and there is always the risk of early thermal cracking. Hence, the author
would not recommend having any surface of a pile cap totally unreinforced. At
any surface, at least the minimum reinforcement stipulated in Table 9.1 should be
provided.

A pile cap is actually & transfer structure, [ts design is usually governed by shear.
However, the provision of shear reinforcement in a pile cap is generally both
difficult and uneconomical. It should be better and more economical to provide a
sufficient thickness for the pile cap so that no shear reinforcement would be
necessary.

Column and wall footings

Tension reinforcement should be provided where necessary. Check should be
made to ensure that the total area of tension reinforcement is not less than the
minimum required as stipulated in Table 9.1 of the code.

As before, the author would not recommend having any surface of a footing

totally unreinforced. At any surface, at least the minimum reinforcement
stipulated in Table 9.1 should be provided.

Tie beams

Tie beams are not just to tie the individual footings or caps together. Their
purpose is to integrate the footings/caps to bend as a group so as o eliminate the
eccentricity of the loadings. In doing so, they would be subjected to bending
moments and shear forces. Hence, they should be designed as beams rather than
as ties. If the action of compaction machinery could affect the tie beams, the tie
beams should be designed for a minimum downward load of 10 kN/m.




9.8 Corbels

The design of corbels may be based on a strut-and-tic model satisfying the
equilibrium and strength requirements. At the front face of the corbel, the _
reinforcement should be anchored either by welding to a transverse bar or '
bending the bars back to form a loop. Shear reinforcement should be provided in
the form of horizontal links, as shown in Figure 9.6 of the code. If there is any
horizontal force, additional reinforcement connected to the supporting member
should be provided to transmit this force in its entirety.

9.9  Detailing for ductility

The ductility of a reinforced concrete member is dependent on many factors,

including the following:

#  The strength grade of the concrete: As a material, a higher strength concrete
is5 generally more brittle, but the increase in concrete strength could increase
the capacity of the concrete member and reduce the load to capacity ratio. If
the size of the member is not reduced to take advantage of the increased
concrete strength, the wse of a higher strength concrete could slightly
increase the ductility of member. But if the size of the member is reduced to
take advantage of the increased concrete strength, then the increase or
decrease in ductility of the member is dependent on how much the member
size has been reduced; in such case, detailed analysis needs to be carried out
to evaluate the actual change in ductility of the member.

¢  The amounts of tension and compression reinforcement provided: For a
flexural member, the degree of reinforcement (or more precisely, the i
(p, — 2. ¥p, ratio in which p,, p, and p, are the tension, compression and =
balanced steel ratios, respectively) is the major factor governing the flexural
ductility of the member. A higher degree of reinforcement would lead to a
lower ductility and a lower degree of reinforcement would lead to a higher
duetility. That is why an under-reinforced member is more ductile than an
over-reinforced member and over-reinforcement should be avoided. As a
peneral rule, since a lower tension steel ratio would give a higher ductility,
the tension steel ratio should be limited. On the other hand, since a higher
compression steel ratio would give a higher ductility, the addition of more
compression steel could help to improve the flexural ductility of the
member,

¢  The amount of confining reinforcement provided: With at least some
confining reinforcement provided, the concrete would be subjected to
triaxial compression instead of uniaxial compression. Under triaxial
compression, both the compressive strength and ductility of the concrete
would be significantly increased. Hence, it should be a good practice to
always provide some nominal confining reinforcement to the compression
zones of the member. This is particularly so when the member is cast of
high-strength concrete. For all high-strength concrete members, therefore, it
should be advisable to always provide generous confining reinforcement to
the compression zone in the case of a beam and to the whole member in the
case of a column.

113

—;




»  Anchorage of the reinforcing bars: Anchorage failure of reinforcing bars
would lead to sudden and brittle failure. Most codes just demand anchorage
lengths corresponding to the design strengths of the steel bars (i.e. factored
down vield strengths of 0.87f or 0.954) to be provided. However, this
could cause the bars to fail by anchorage slip before yielding. It should have
been much better if the reinforcing bars are always designed to yield before
any possible anchorage failure so as to fully utilize the yield strength and
ductility of each steel bar, Provision of better anchorages to reinforcing bars
to the extent that even when the bars yield and reach the strain hardening
stage the bars would not fail by anchorage slip would help to improve the
ductility of the member.

+  Stability of compression bars: Buckling failure of compression bars would
also lead to sudden and brittle failure. Hence, all compression bars should
be properly contained and restrained by transverse reinforcement to prevent
buckling.

o Containment of bursting forces: Bursting forces inside the concrete could
arise from: (1) the concentrated forces at the anchorages of prestressing
tendons, (2) the bond forces of relatively large diameter bars, (3) the end
bearing stresses of compression bars, and (4) the bearing stresses from other
parts of the structure. All these bursting forces should be properly contained
by transverse reinforcement or otherwise there would be splitting or spalling
failure of the surrounding concrete.

» Restraint of radial forces at where tendons or reinforcing bars change
directions: At where tendons or reinforcing bars change directions (i.e. at
curves and bends), radial forces would be developed and if these radial
forces are acting outwards and only resisted by thin concrete layers or
covers, the concrete would fail by spalling. To prevent such possible
spalling failure of concrete, restraining reinforcement should be provided to
tie all the curving tendons and reinforcing bars back into the core of the
member. If practicable, all curves and bends of tendons/reinforcing bars
should be curving inwards into the core of the member so that the radial
forces would only act inwards,

Ductility is needed not only for earthquake resistance, but also for general
structural safety with respect to impact loads, cyclic loads and accidental loads.
In actual fact, ductility helps to redistribute the loads from an overlcaded and
vielded member to the other parts of the structure so that even when a member
has been overloaded, it would not collapse immediately. This applies to all kinds
of loading and hence ductility helps to promote structural safety regardless of the
type of loading applied; in other words, ductility is crucial to the safety of a
structure even when the structure is just subjected to ordinary dead, imposed and
wind loads,

From the structural safety point of view, ductility is at least as important as
strength, but most engineers tend to pay more attention to strength than to
ductility. The inclusion of this section in the new code to encourage more refined
reinforcement detailing for better ductility of reinforced concrete members and
eventually higher survivability and safety of the structure as a whole should be
highly commended.

114

T




991 Beams

Longitudinal reinforcement:

For improved ductility, the minimum and maximum tension reinforcement
should be changed to 0.3% and 2.5%, respectively. At any section within a
eritical zone, e.g. a potential plastic hinge zone, the compression reinforcement
should not be less than 1/2 of the tension reinforcement at the same section.
Where longitudinal bars in a beam are anchored into the core of an exterior
column, the anchorage should commence at 1/2 of the depth of the column or 8
times the bar diameter from the face at which the bars enter the column. For the
calculation of anchorage length, the bars should be assumed to be fully stressed
to at least their actual vield strengths. This would ensure that the bars would
yield before any anchorage failure. No beam bar should be terminated in a joint
area without a vertical 90" standard hook or an equivalent anchorage device as
near as practically possible to the far side of the column core and not closer than
3/4 of the depth of the column to the face of entry. Top beam bars should only be
bent down and bottom beam bars should only be bent up. Full strength welded
splices may be used in any location, but laps and mechanical couplers should not
be located within the beam-column joint region or within one effective depth of
the member from the critical section of a potential plastic hinge where stress
reversals could occur. No beam bar should be lapped in a region where reversing
stress at the ultimate limit state may exceed 0.6 f, unless each lapped bar is

| eonfined by links or ties satisfving Equation 9.6,

Transverse reinforcement;

Links or ties should be arranged so that every comer and alternate longitudinal
bar that is required to function as compression reinforcement would be restrained
by a leg. Clause 9.9.1.2 suggests that the spacing of links or ties along & beam
should not exceed the smaller of the least lateral dimension of the beam or 16
times the longitudinal bar diameter, but Clause 9.2.1.10 and Clause 9.5.2.]
stipulate that the spacing of transverse reinforcement should not exceed 12 times
the diameter of the smallest longitudinal bar; in view of such inconsistency, the
author recommends that the more stringent requirement should apply, i.e. the
spacing of transverse reinforcement should not exceed 12 times the diameter of
the smallest longitudinal bar. All links should be anchored by means of 135" or
180" hooks, Anchorage by means of 90° hooks or welded cross bars should not
be permitted.

952 Columns

Longitudinal reinforcement:

The minimum and maximum longitudinal reinforcement should be changed to
0.8% and 4%, respectively. In any row of longitudinal bars, the smallest bar
_ diameter should not be less than 2/3 of the largest bar diameter. Where the
i column bars pass through the beams at beam-column joints, the bar diameter
! should be limited as per Equation 9.7, In potential plastic hinge regions, the
cross-linked bars, i.e. the transverse reinforcement restraining the longitudinal
bars should not be spaced further apart between centres than the larger of 1/4 of
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the adjacent column dimension or 20} mm. Where column bars terminate in
beam-column joints or joints between columns and foundation members and
where a plastic hinge in the column could be formed, the anchorage of the
column bars into the joint region should commence at 1/2 of the depth of the
beam/foundation member or 8 times the bar diameter from the face at which the
bars enter the beam or the foundation member. Mo column bar should be
terminated in a joint area without a horizontal 90° standard hook or an equivalent
anchorage device as near as practically possible to the far side of the beam and
not closer than 3/4 of the depth of the beam to the face of entry. Unless the
column is designed to resist only axial force, the direction of the horzontal leg of
the bend should be towards the far face of the column. Full strength welded
splices may be used in any location, but laps and mechanical couplers should be
located within the middle quarter of the storey height of the column (near the
expected point of contraflexure) unless it ¢can be shown that no plastic hinge can
be developed at the proposed lap location. No column bar should be lapped in a
region where reversing stress at the ultimate limit state may exceed 0.6 7, unless

each lapped bar is confined by links or ties satisfving Equation 9.6.

Transverse reinforcement within critical regions:

The extent of critical region in limited ductility high-strength reinforced concrete
columns should be from the point of maximum moment over a finite length as
depicted below (N is the axial load and 4, is the gross area of section):

»  For < N/Af,) = 0.1, the extent of critical region is taken as 1.0 times

the greater dimension of the section or where the moment exceeds (.85 of
the maximum moment, whichever is larger.
e For(.l = N/(4,7.) = 0.3, the extent of critical region is taken as 1.5 times

the greater dimension of the section or where the moment exceeds 0L75 of
the maximum moment, whichever is larger.
o For0.3 < N/4f,) =0.6, the extent of critical region 1s taken as 2.0 times

the greater dimension of the section or where the moment exceeds 0.65 of

the maximum moment, whichever is larger.
The transverse reinforcement should be arranged so that each longitudinal bar or
bundle of bars would be restrained by a leg of the transverse reinforcement, The
diameter of the transverse reinforcement (links, loops or spirals) should not be
less than 6 mm or 1/4 of the diameter of the largest longitudinal bar, whichever is
the greater. The spacing of the transverse reinforcement along the column should
not exceed the smaller of 1/4 of the least lateral dimension of the column or 6
times the diameter of the longitudinal bar to be restrained. Each end of the
transverse reinforcement should be anchored by 135" or 180° hooks., Anchorage
by means of 90° hooks or welded cross bars should not be permitted.

Transverse reinforcement oulside critical regions:
Outside the eritical regions, the normal requirements in accordance with Clause
9.5.2 of the code would apply.
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10.1

10.2

10.3

10.3.1

10.3.2

GENERAL SPECIFICATION, CONSTRUCTION AND
WORKMANSHIP

Objectives

The design assumptions of the code are based on the required standards for
materials and workmanship specified in this chapter. These required standards
should be clearly and unambiguously stipulated in the specifications or noted on
the drawings and appropriate site supervision and compliance testing should be
arranged to ensure their strict adherence.

Construction tolerances

A long list of permissible deviations based on the accuracy that can normally be
achieved has been given. More stringent dimensional accuracy requirements may
be necessary if the performance of the structure to be constructed is particularly
sensitive to small deviations in dimension, position, verticality or fitting between
elements (especially between prefabricated elements).

The dimensional accuracy of in-situ concrete construction is dependent mainly on
the tvpe of formwork (e.g. whether of steel or timber construction), the accuracy
and rigidity of falsework, workmanship, site supervision and sometimes the
working conditions, For superstructures, the deviation is normally less than 25
mm while for substructures, the deviation tends to be larger and can be up to 50
mm. For piles, the deviation can amount to more than 100 mm,

Concrete

Constituents

The constituent materials should comply with the acceptable standards, as listed
in Annex A of the code.

Mix specification

The recommended methods given in the list of acceptable standards in Annex A
of the code should be followed. Each mix should be identified by a distinct mix
number. For an approved mix identified by a registered mix number, only minor
variations in the mix proportions, such as slight changes in the dosages of
retarder and superplasticizer to cater for differences in ambient temperature and
transportation time, should be allowed. If a relatively large variation in the mix
proportions is unavoidable, the varied mix should be assigned a different mix
number and separate approval should be sought before use.
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10,34

Methods of specification, production control and transport

The recommended methods given in the list of acceptable standards in Annex A
of the code should be followed.

Sampling, testing and assessing conformity

The specifications given in Hong Kong Construction Standard CS1 and the list of
acceptable standards in Annex A should be adopted.

Addittonal cubes:

For special purposes, such as checking the strength of concrete in prestressed
concrete at transfer and determining the time to strike formwork, additional cubes
may be cast for testing. These additional cubes should be made and tested in
accordance with CS1 but the methods of sampling and the conditions of storage
and curing should be specified to meet with the required purpose. Preferably,
sampling should be at the point of placing and the additional cubes stored and
cured under the same conditions as the concrete in the members. These
additional cubes should not be used for compliance testing.

Concrete cubes for compliance testing:

The compressive strength of concrete shall be determined by testing 100 mm or
150 mm cubes at the age of 28-day after mixing. A representative sample shall
he taken from the fresh concrete to make the cubes. Each sample shall be taken
from a single batch. The rate of sampling shall be at least that specified in Table
10.1 of the code and at least one sample shall be taken from each mix (as
identified by a distinct mix number) produced on any one day. From cach sample
of fresh concrete taken, 2 cubes shall be made. Each cube shall be given a cube
number sequentially and no cube number shall be duplicated or omitted. All
cubes shall be adequately cured until ready for testing at the age of 28-day. The
average compressive strength of each pair of cubes made from the sample shall
be taken as the test result.

Acceptance criteria for 130 mm cubes:

Where the standard deviation of 40 previous consecutive test results is not less
than 5 MPa or is not known, the compliance requirement C1 shall be adopted.
Where there is sufficient previous production data using similar materials from
the same plant under similar supervision to establish that the standard deviation
of 40 test results is less than 5 MPa or where the standard deviation of 40
previous consecutive test results is less than 5 MPa, the compliance requirement
C2 shall be adopted. For concrete of grade 20D or above, C1 requires that each
individual test result shall not be less than the specified grade strength minus 3
MPa and the average of 4 consecutive test results shall not be less than the
specified grade strength plus 5 MPa whereas C2 requires that each individual test
result shall not be less than the specified grade strength minus 3 MPa and the
average of 4 consecutive test results shall not be less than the specified grade
strength plus 3 MPa. For concrete of grade lower than 20D, each individual test
result shall not be less than the specified grade strength minus 2 MFPa and the
average of 4 consecutive test results shall not be less than the specified grade
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strength plus 2 MPa. When there are less than 4 test results, the test results shall
be treated as if they were 4 consecutive test results. When there are 4 or more
test results, the average of cach set of 4 consecutive test results shall be calculated
to check for compliance each time a new test result is produced using that test
result and the immediately preceding 3 test results. If the above requirements are
not satisfied by any test result, investigation shall be carried out to establish
whether the concrete represented by the failed test result is acceptable or not.

Acceptance criteria for 100 mm cubes:

| Where the standard deviation of 40 previous consecutive test results is not less
' than 5.5 MPa or is not known, the compliance requirement C1 shall be adopted.
Where there is sufficient previous production data using similar materials from
the same plant under similar supervision to establish that the standard deviation
of 40 test results is less than 5.5 MPa or where the standard deviation of 40
previous consecutive test results is less than 5.5 MPa, the compliance
requirement C2 shall be adopted. For concrete of grade 20D or above, Cl
requires that each individual test result shall not be less than the specified grade
i strength minus 2 MPa and the average of 4 consecutive test results shall not be
less than the specified grade strength plus 7 MPa whereas C2 requires that each
individual test result shall not be less than the specified grade strength minus 2
MPa and the average of 4 consecutive test results shall not be less than the
specified grade strength plus 5 MPa. For concrete of grade lower than 20D, each
individual test result shall not be less than the specified grade strength minus 2
MPa and the average of 4 consecutive test results shall not be less than the !
specified grade strength plus 3 MPa, When there are less than 4 test results, the |
test results shall be treated as if they were 4 consecutive test results. When there

_ are 4 or more test results, the average of each set of 4 consecutive test results

; shall be calculated to check for compliance each time a new test result is

| produced using that test result and the immediately preceding 3 test results. If the ;
above requirements are not satisfied by any test result, investigation shall be |
carried out to establish whether the concrete represented by the failed test result is :
acceplable or not.

150 mm cubes versus 100 mm cubes:

Most of the testing laboratories in Hong Kong are equipped with compression
testing machines with a maximum loading capacity of around 2000 kN. These
machines are capable of testing 150 mm cubes up to a concrete strength of S0
MPa. With the development of high-strength concrete, the capability of these
testing machines may not be sufficient. The wear and tear of the machine platens
under high loading will also be very severe. The use of 100 mm cubes for
compliance testing could alleviate such problems. The 100 mm cubes would be
easier to handle and could result in saving of materials and labour. The storage
and curing space, as well as the testing time, can also be reduced. As a matter of
fact, the Mass Transit Railway Corporation and the local concrete producers have
specified the use of 100 mm cubes for internal quality control. In 1993, the
Standing Committee on Concrete Technology (SCCT) requested the Public
Works Central Laboratories (PWCL) to carry out an investigation to examine the
suitability of using 100 mm cubes for concrete quality control purposes. The
general conclusions are: (1) the 28-day strength of the 100 mm cubes is on
average higher than that of the 150 mm cubes made from the same batch of

119




10.3.5

concrete; and (2) the standard deviation of the 100 mm cubes is on average
higher than that of the 150 mm cubes. Since then, the Architectural Services
Department has used 100 mm cubes for its projects for concrete with maximum
aggregate size not exceeding 20 mm. In November 2000, the then Civil
Engincering Department promulgated the use of 100 mm cubes in Technical
Circular No.5/2000. The Housing Department also proposed the use of 100 mm
cubes for projects tendered out after October 2001 based on their study on the use
of 100 mm cubes in housing projects conducted from 1998 to 1999,

Placing and compacting

To ensure good compaction so as to produce 2 dense and uniform concrete with
no blowholes or honeyveombs formed, the fresh concrete should possess suitable
workability and appropriate placing procedures and compacting equipment
should be used.

The workability of a concrete mix is a broad term for describing the relative ease
of working with the fresh conerete mix to achieve full and uniform consolidation
inside the mould. In practice, working with a fresh concrete mix includes
placing, spreading around, passing through gaps, ensuring uniform distribution of
the ingredients, driving away entrapped air and levelling of the concrete mix,
Hence, there cannot be a single measure of workability. The workability of a
concrete mix should include at least the following attributes:

*»  COnsistence;

s  deformability/flowability;

s  passing ability; and

s  segregation resistance (cohesiveness),

The consistence of the concrete mix is dependent mainly on the degree of
dryness/wetness of the concrete mix, When dry powders are added and mixed
with a small amount of water, loose lumps of slightly wetted powders would be
formed. These lumps have rather low cohesiveness and tend to break into
smaller lumps when disturbed. By adding more water, the lumps of powders
formed would grow in size and become more cohesive. As more and more water
is added, there is a certain stage that all the lumps formed could be coalesced into
a paste. At such stage, the paste is nearly saturated inside but because of the
surface tension forces that pull the water inwards, the surfaces of the paste remain
dry. Such a paste formed is quite cohesive but is rather stff (i.e. it has no
deformability and no flowability). Some researchers call the water content at this
stage the water demand of the given mixture of powders and use this water
content to determine the amount of voids in the bulk volume of the given mixture
of powders (it is generally believed that at this stage the amount of water added is
just enough to fill up the voids in the bulk volume of powders).

If, after forming a paste, additional water is added, then gradually the paste would
become less stiff and both its deformability and flowability would increase. It is
the deformability and flowability that imparts the mixture of powders the
conventional sense of workability. Both the deformability and flowability would
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increase with the water content. But when the water content is increased to a
certain level, the mixture would become completely deformable and further
increase in the water content would not produce any significant increase in
deformability. It is noteworthy that the slump (reduction in height) of a concrete
mix measured during the conventional slump test 15 actually only a measure of
the deformability of the concrete mix. When water has been added to the level
that the slump of the concrete mix is already 220 or 230 mm, further addition of
water would at the most increase the slump marginally by 20 to 30 mm.
However, even al this stage, the flowability of the mixture would continue 1o
| increase with the water content. In the conmtext of concrete technology, the
flowability of a concrete mix may be measured in terms of the average diameter
of the slumped concrete mix (also called flow diameter) as part of the slump test.
This flow measurement method is gaining popularity in the field of self-
consolidating concrete. Summing up, it may be concluded that the deformability
is an appropriate measure of workability for low to medium workability concrete
while the flowability is a more appropriate measure of workability for high
workability concrete. In practical terms, if the slump test is used to measure
: workability, the slump is an acceptable measure of workability when the slump is
‘ less than 200 mm but the flow diameter is a better measure of workability when
| the slump is larger than 200 mm.

The passing ability, i.e. the ability of the concrete mix to pass through narrow
gaps, is also an important attribute of the workability of the concrete mix. The
5 concept of passing ability emerges from recent research on self-consolidating
' concrete but the concept is applicable also to ordinary concrete.  Whilst the
passing ability can be improved by increasing the deformability and flowability
of the concrete mix, it is affected and in fact severely limited by the width of gap
that the concrete mix has to pass through. The passing ability of a concrete mix
is very much dependent on the gap width to maximum size of aggregate ratio (the
gap width is either the clear distance between reinforcing bars or the thickness of
concrete cover). Where this ratio is smaller than 1.5, there is likely to be passing
ability problem and particular attention is needed during compaction to ensure
that no voids are formed inside the mould due to jamming of the concrete mix at
narrow gaps. Where this ratio is smaller than 1.3, the risk of having passing
ability problem is even higher. In such case, extreme care is needed during
compaction to ensure that no voids are formed inside the mould and it may be
advisable to limit the content of the largest size aggregate to say not more than
25% by volume. For instance, if the smallest gap width is 25 mm and the |
maximum size of aggregate is 200 mm, then apart from taking the necessary care |
during compaction, the content of the 10 - 20 mm aggregate should be limited to
a maximum of 25% by volume or to a maximum of 660 kg/m’ by weight, Most
codes allow the gap width between bars and the thickness of concrete cover 1o be
as small as the maximum size of aggregate plus 5 mm. If a 20 mm maximum
size aggregate is used for the concrete mix, this will lead to a gap width to
maximum size of aggregate ratio of smaller than 1.3 and it may then be advisable
to limit the 10 - 20 mm aggregate to not more than 25% by volume.

Segregation is the separation of some of the ingredients, especially the coarse
agpregate particles and the paste, from the bulk of the concrete mix due o free
falling or sliding through surfaces during placing of the concrete, leading to non-
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10.3.6

uniform distribution of the various ingredients in the concrete. MNowadays, in
order to speed up the concreting operation or to save the labour needed to
properly compact the concrete mix or just for the purpose of ensuring better
consolidation of the concrete mix, it is quite common to specify a relatively high
workability of 150 mm slump or even higher. Such a concrete mix tends to
contain a high water content. With an excessive amount of water added, the
cohesiveness of the concrete mix will drop and the risk of segregation will
increase (it should be noted that when the water content is low, the cohesiveness
increases with the water content until the water content is equal to the water
demand but when the water content is in excess of the water demand the
cohesiveness decreases with the water content). To maintain a reasonable level
of eohesiveness and increase the segregation resistance of the concrete mix, it is
necessary to limit the water content of the concrete mix. Addition of more fine
particles (such as fine aggregate, limestone filler, pulverized fuel ash and
condensed silica fume) to the concrete mix can also help to increase the
cohesiveness and improve the segregation resistance ( finer particles stay with the
bulk of the concrete mix much better than the coarser particles). MNotwithstanding
the use of a concrete with good segregation resistance, free falling and/or sliding
over long distanees should be avoided during placing of concrete.

Placing and compacting should be carried out under appropriate supervision. If
the concreting operation is likely to take a long time, the workability retention of
the concrete mix should be checked by carrying out slump tests of the concrete
from time to time.

Concrete should be thoroughly compacted during placing by vibration or other
means and worked into comers, gaps and any confined spaces in the mould
carefully. Vibrations should be applied only until the expulsion of air has
practically ceased. Over-vibration should be avoided as this may cause bleeding
of the concrete mix and formation of a weak surface layer.

Curing

The code states that curing is the prevention of loss of moisture from the new
concrete. This statement is not a complete description of curing. Curing is the
maintenance of a suitable environment for the new concrete (1) 1o produce as
much gel as possible so as to develop its full strength potential and reduce its
permeability for better protection of the steel reinforcement from corrosion; (2) 1o
avoid being damaged by plastic cracking or early thermal cracking; (3) to avoid
being damaged by shock vibrations due to any nearby rock blasting or pile
driving activities; and (4) to avoid being damaged by premature loading
iransmitted to it due to movement of the adjacent parts of the structure.

Hence, curing should comprise of at least the following:
s  moisture control;

s thermal control;

s  wibration control; and

«  movement/deformation control.
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Muoisture control is particularly important if the water/cementitious ratio is low,
the cement is of rapid hardening type and/or the concrete mix contains pozzolanic
materials like pulverized fuel ash or condensed silica fume, It should start
immediately after compaction of the concrete because premature drying out of
the concrete mix due 1o solar radiation and wind could lead to plastic shrinkage
cracking of the un-moulded surfaces of the freshly cast concrete (from the
author's own experience, plastic shrinkage cracking is not uncommon in Hong
Kong, especially in exposed areas where strong wind could cause rapid drying
out of the freshly cast concrete). It should last at least 3 to 4 days until a
substantial proportion of the chemical reactions for producing gel has been
completed but for a concrete mix containing pozzolanic matenals, it should last
up to at least 4 to 6 days because pozzolanic reactions are generally slower than
: cement hydration (the minimum period of curing has been stipulated in Table
; 10.4 of the code). At the least, moisture control should include prevention of
; moisture loss by covering the freshly cast concrete with plastic sheets or
impermeable membranes, The mould itself is a good protection against moisture
loss and should therefore be kept in place for as long a time as practicable.
Replenishment of water to keep the concrete saturated by mist spraying (also
called mist curing) or water spraving (also called water curing) is in theory better
than just prevention of water loss and should be considered for important
structural elements, high strength concrete structures and high durability standard
concrete structures. While the concrete is still fresh, mist curing should be
applied but after the concrete has hardened both mist curing or water curing could
be applied. However, mist/water curing should be considered in conjunction with
thermal control and care should be taken to avoid generating a temperature shock
to the concrete. The concrete could become guite hot during curing and
_ application of cool mist/water onto the surfaces of the concrete could cause rapid
| contraction and almost immediate thermal cracking of the concrete. Intermittent
| wetting should also be avoided, as this would cause alternate swelling and
shrinkage of the surface layer of concrete, thereby aggravating the surface
cracking problem of the concrete.

Thermal control is particularly important if the concrete mix has a high cement
content and/or a high cementitious materials content and/or the concrete stracture
to be cast is massive. The cement and cementitious materials contents of
concrete mixes in Hong Kong tend to be on the high side partly because of the
generous strength margins provided by the local producers to protect themselves
from the risk of not meeting the strength test requirements and partly because of
the generally high paste volumes of the concrete mixes provided to help avoid the
formation of honeycombs, Because of the high cement and cementitious
materials contents of the concrete mixes, large amounis of heat could be
generated during the first few days after casting and the resulting temperature rise
could be as much as 60°C. The large temperature rise and the subsequent
temperature drop could cause serious thermal cracking problems. The situation is
worst if at the same time the structure to be cast is massive because in such case,
it is difficult for the heat generated inside the core of the concrete structure to be
dissipated (concrete is a bad heat conductor). The author has remmm::ndr.:d in
Section 7.2.4 of this handbook that if the cement mntn::.nt exceeds 450 kg/m’ or
the total cementitious materials content exceeds 550 kg/m’®, the contractor should
be required to carry out an adiabatic curing test or a tr:mp:m’r.u:e rise evaluation
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test. Then, if the temperature rise of the concrete as measured by a true adiabatic
curing test is higher than 45°C or as measured by an acceptable temperature rise
evaluation test is higher than 40°C (a temperature rise evaluation test tends to
vield a lower temperature rise because of heat loss). the contractor should be
required to carry out thermal analysis and submit a proposal for thermal control
of the curing concrete. The thermal control may comprise of external insulation,
internal cooling or a combination of external insulation and internal cooling.
Deetailed design of the thermal control measures is beyond the scope of the code
and specialist literature should be consulted when necessary.

Vibration control is not normally required unless there are rock blasting. pile
driving or other vibration generating activities going on in the vicinity of the
curing concrete. The Geotechnical Engineering Office had in 1994 engaged the
Department of Civil Engineering, The University of Hong Kong to conduct an
experimental study on the effects of blasting vibrations on green concrete (green
concrete means curing concrete) and the results have been published in the
following GEO report:

Kwan AK.H. and Lee P.K.K., GEO Report No.102, A Study of the Effects of
Blasting Vibration on Green Concrete, Geotechnical Engineering Office, Civil
Engineering Department, The Government of HKSAR, 159pp.

For recommendations on vibration control, readers may refer to this report where
a set of vibration control limits for typical concrete at different ages has been

provided.

Movement/deformation control is also not normally required unless the adjacent
parts of the structure could move during curing of the concrete. Nonetheless, this
could be the most important measure for proper curing of the concrete in some
cases. For instance, in precast segmental construction of a bridge, the stitching
segment has to be cast in-situ. The concrete stitching segment could be damaged
during curing if the construction traffic loads on the bridge cause movement of
the deck and consequently deformation of the stitching segment. Hence, during
curing of the stitching segment, no construction traffic should be allowed on the
deck. If necessary, a temporary connection may be provided to hold the partially
completed decks at the two ends of the stitching segment together so as o
minimize the deformation of the stitching segment during curing. As another
example, when an existing bridge is widened by constructing a new deck parallel
io the old deck and connecting the two decks together with an in-situ concrete
stitching slab, the concrete stitching slab could be damaged if the old deck is to
remain open to traffic, which causes deflection of the old deck and consequently
deformation of the stitching slab. Unfortunately, when an existing bridge needs
widening, it is generally impracticable to close the old deck for any long period
of time. Hence, traffic vibration from the old deck during curing of the concrete
stitching slab is unavoidable. In such case, the provision of temporary shear
connections holding the old and new decks together at certain points along the
gap 1o be closed by the stitching slab could help to minimize the deformation of
the stitching slab during curing. A general study on this problem and possible
mitigating measures has been published in the following paper:

Kwan AKH. and Ng P.L.. “Reducing damage to concrete stitches in bridge
decks”, Proceedings, Institution of Civil Engineers, Bridge Engincering, Vol.139,
No.2, June, 2006, pp53-62.




10.3.7 Concreting in hot weather

At high ambient temperature, special precautions are necessary to avoid:

+ reduction in working life of the fresh concrete due to shorter setting time
arising from accelerated hydration;

s plastic shrinkage cracking due to loss of mix water arising from accelerated
evaporation;

s  carly thermal cracking due to high temperature rise.

Considerations should be given to the following measures:

= use of retarder to prolong the setting time;

» protection of the exposed surfaces of the newly placed concrete from
sunshine and strong wind to minimize evaporation;

=  incorporation of supplementary cementitious materials such as pulverized
fuel ash and ground granulated blastfumace slag to reduce the rate of heat
evolution and temperature rise during curing;

e reduction of the placing temperature by using ice instead of water as the
mixing water and pre-cooling the aggregate before use.

The placing temperature of fresh concrete should not exceed 30°C. However,
where the risk of early thermal cracking is particularly high, it may be necessary
to specify a lower placing temperature of say 25°C. The ambient temperature
should also be considered in specifyving the placing temperature. The author
suggests that the placing temperature should not excesd the ambient temperature
plus 5°C.

The concrete should be placed and compacted as soon as possible after mixing.
To prevent moisture loss, curing of surfaces not protected by the moulds should
commence immediately after compaction. The initial curing should include
protective covering and, if the concrete mix is particularly dry, also mist curing,
The protective covering should be made of impervious sheets, preferably
pigmented to reflect radiation, supported away from the surface if the surface is
not to be marked, and fastened at the edges to prevent air movement. Mist curing
should be applied using a proper mist sprayver capable of generating mist in the
form of minute droplets of water that are fine enough to stay in the air without
dropping down.

10.3.8 Formwork and falsework

Formwork and falsework should be designed and constructed to safely withstand
all the loads and vibrations that may occur during the construction process.

Formwork joints should be constructed to prevent loss of grout or mortar from
the fresh concrete. The internal surfaces of the formwork must be clean, Release
agents should be applied so as to provide a thin uniform coating to the forms
without contaminating the reinforcement and the concrete should be placed while
the releasing agents are still effective. Formwork spacers left in place should not
impair the desired appearance or durability of the concrete structure.
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Removal of formwork from the concrete should be executed without causing
shock, disturbance or damage to the concrete. Removal of side formwork should
be so arranged that the soffit form can be retained in position and properly
supported on props until the concrete has achieved the required maturity.

The time for removal of formwork is determined by the following factors: |
e whether the concrete structure has developed sufficient strength lo support .

all the loads acting on it;
#  whether the concrete has been sufficiently cured; !
»  avoidance of early thermal cracking; and '
» the need for subsequent surface treatment.

The minimum formwork striking times for different types of structural elements
cast of OPC concrete have been given in the code. However, from the curing |
point of view, the formwork should be left in place for as long as practicable. It i
should also be noted that if pulverized fuel ash has been added to the concrete, |
the formwork striking times may need to be extended for two reasons: (1) the |
early strength development of concrete containing pulverized fuel ash is slower; b
and (2) concrete containing pulverized fuel ash needs a longer period of curing. |

|

|

In order to avoid generating temperature shock, which may cause early thermal
cracking, the formworks for massive concrete structures (such as pile caps, big
columns, thick walls and large portal beams ete, of which the minimum
dimension is larger than 1.0 m) should not be removed until the temperature of
the concrete has reached the peak and dropped to near the ambient temperature.
For the same reason, after removal of the formworks, cool water should not be
sprayed onto the hot concrete surfaces or otherwise thermal cracks might appear
immediately.

10.3.9 Surface finish :

The formwork should be designed and constructed in such a way that there is no i
unaceeptable loss of fines, blemish or staining of the concrete surfaces. Blow ' !
holes up to 10 mm may be expected but the concrete surface should otherwise be A
free from voids, honeycombs or other large defects. : F

Where a particular finish is required for appearance, the requirements should be i
specified directly or by reference to sample surfaces. Exposed smooth off-the- -
form and board marked finishes are only for interior use. Trial casting and mock |
up should be carried out before the formworks and surface preparation :
procedures are accepted.

The surface quality of concrete is dependent on the constituents of the mix and
their proportions, the mixing, handling, compaction and curing procedures, and
the type of formwork and release agent used. To maintain a consistent surface
finish, the same concrete mix from the same batching plant using the same
sources of constituents, the same type of formwork and release agent and the
same gang of workers should be employved throughout. i 4
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10.3.10 Construction joints

Construction joints should be kept to the minimum number necessary, Their
locations should be decided and agreed before the concrete is placed and they
should normally run at right angles to the axis of the member.

Y N e Ty T

The concrete at a vertical construction joint should be formed against a stop end
and bonded with the concrete subsequently placed against it, without provision
for movement.

The top surface of concrete to become a horizontal construction joint should be
level and reasonably flat, If a kicker is provided, it should be at least 70 mm high
and carefully constructed.

For a joint to transfer tensile or shear stresses, the surface of the first pour should
be roughened to increase the bond strength and to provide aggregate interlock.
The surfaces of horizontal joints can be roughened without disturbing the coarse
aggregate particles by spraying the joint surfaces approximately 2 to 4 hours after
the concrete is placed with a fine spray of water and/or brushing with a stiff
brush, Vertical joints can be treated similarly if a retarder is used on the stop end
to allow the joint surface to be treated after removal of the stop end. If permitted,
mesh or expanded metal stop ends, which should not extend into the cover zone,
can provide a rough face to the joint, which can also be sprayed whilst the
concrete is still green.

Where it is not possible to roughen the joint surface until the concrete has
hardened, the coarse aggregate near the surface should be exposed by sand
blasting or by scale hammer or other mechanical devices. Powerful hammers that
may dislodge the coarse aggregate particles should not be used.

The joint surface must be clean and free from loose particles before the fresh
concrete is placed. Slight wetting may be needed prior to the new concrete being
placed to prevent loss of mix water. New concrete placed close to the joint must
have an adequate fines content.

10.3.11 Movement joints

The movement joints must have sufficient gap widths to allow future movements
at the joints.

Joint filler forming the gap should be firmly fixed to the first placed concrete. If
more than one strip is used, the ends should be butted closely together and taped
to prevent grout leakage, which may reduce the effective gap width of the joint.

Flexible water stops should be fixed so that they cannot become displaced from
their intended positions and so that the concrete surrounding them can be fully
compacted.

Contraction joints may alternatively be introduced by the use of crack inducers.
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14 Heinforcement

10.4.1 General :

Reinforcement should conform to Hong Kong Construction Standard CSZ: |
Carbon Steel Bars for the Reinforcement of Concrete and the acceptable & 1
standards listed in Annex A of the code.

s ala r

10.4.2 Cutting and bending k|

Reinforcement should be cut in accordance with the acceptable standards. There
could be many different ways of cutting the required lengths of bars from
standard lengths (normally 12 or 18 m) but the amount of lefiover (short lengths ,
remaining after cutting that cannot be used as reinforcement) varies with the £ 3
method of cutting. Hence, it may be advisable to optimise the cutting schedule to 4
minimize the leftover; commercial software is now available for such purpose. i

Reinforcement should be bent in accordance with the acceptable standards.
Bending should be carried out using mandrels such that each bend has a constant ;
curvature. Grade 250 reinforcement bars projecting from concrete may be bent, i g
re-bent or straightened provided the internal radius of bend is not less than that £
specified in the acceptable standards. Grade 460 reinforcement bars projecting

from conerete should not be bent, re-bent or straightened without the engineer’s o 4
approval. Afier bending, re-bending, straightening or any kind of reshaping, each E
bar should be inspected for signs of fracture.

T i

10.4.3 Fixing @

The reinforcement should be firmly tied together and securely fixed in position
relative to the formwork to maintain the bars in their prescribed positions during |
concreting. Wominal conerete cover should be specified to all steel reinforcement :
including links. The specified nominal cover should be maintained by the use of i
approved spacers and chairs and the actual cover provided should not be [ess than E 4
the nominal cover minus 5 mm. The position of reinforcement should be :
checked before and during concreting to ensure that the nominal cover is
maintained within the prescribed limits. Where considered appropriate, a cover
meter may be used to check the cover to reinforcement in hardened concrete.

10.4.4 Surface condition

The surfaces of reinforcing bars should be clean and free from deleterious
substances such as oil, grease, mud, loose rust or mill scale that may adversely
affect the bond between the bars and the concrete. If necessary, the steel surfaces |
should be cleaned by brushing andfor washing before the reinforcing bars are 2l
fixed. The surface condition of the reinforcing bars should be examined again -
prior to concreting. :
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10.4.5

10.4.6

10.5

1051

10.5.2

Laps and joints

Laps and joints should be made in accordance with the specifications and the
details shown in the drawings, or as agreed with the engineer.

Welding

Generally, welding should be carried out under controlled conditions in a factory
or workshop:, welding on site should be avoided. Welding should be carried out
only on reinforcing steel that has the required welding properties and should not
generally be applied at or near bends. All welding should be carried out in
accordance with the acceptable standards by gqualified welders, whose
competence should be demonstrated prior to and periodically during the welding
operations.

Welding may be used for the following purposes:

¢  non-structural spot welds for fixing steel bars in position;

o  structural welds for transferring loads between steel bars or between steel
bars and other steel members.

The types of welding permitted include metal-arc welding, flash butt welding and

electric resistance welding. Other methods of welding may also be used

subjected to approval of the engineer and the reinforcement manufacturer,

Welded joints between parallel bars of principal tension reinforcement should be
staggered in the longitudinal direction, unless otherwise permitted by the
engineer, Welded joints may be considered as staggered if the longitudinal
distance between them is not less than the end anchorage length for the bars.

Welds for welded lapped joints should have for each single pass a length of run
not exceeding 5 times the diameter of the bar. If a longer length of run is
required, it should be divided into sections with the space between runs not less
than 5 times the diameter of the bar.

Prestressing steel

CGeneral

Prestressing tendons should conform to the acceptable standards listed in Annex
A of the code. The tendons, anchorages, couplers and sheaths should be those
specified in the design and should be identifiable as such.

Transport and storage

The tendons, anchorages, couplers and sheaths should be protected from harmful
influences during transport, storage and handling.
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10.5.3

10.5.4

To ensure protection of the tendons, the following should be avoided:

»  mechanical deformation or heating during handling;

= exposure to rain or contact with the ground,

» welding or cutting of steel in the vicinity of tendons without protecting the
tendons from splashes:

¢  after manufacture, anv welding, on-site heat treatment or metallic coating
such as galvanizing; and

» contamination likely to affect the durability or bond of the tendons.

Fabrication

At the time of incorporation in the structural member, all prestressing tendons,
sheaths or ducts should be free from harmful matters such as loose rust, oil, paint
or other lubricants. Oiled or greased tendons may be used under cerlain
circumstances, if agreed among the parties involved. Tendons may be cleaned by
wire brushing.

Low and normal relaxation wires and prestressing strands should be transported
in coils of sufficiently large diameter to ensure that they run off straight from the
coils. Prestressing bars should be straight; small adjustment for straightness may
be carried out on site by hand in cold under the supervision of the engineer but
bars bent in the threaded portion should be rejected.

Cutting to length and trimming of ends should be by either high-speed abrasive
cutting or oxy-acetylene flame cutting. Neither the flame nor splashes should
come into contact with the anchorage or other tendons. Post-tensioned tendons
should not be cut less than one diameter from the anchor and the temperature of
the tendon adjacent to the anchor should not exceed 200°C.

Placing

The tendons, couplers, anchorages and sheaths should be accurately placed in the
positions shown on the drawings. The permitted deviation in the locations of the
tendons, sheaths or duet formers should be + 35 mm unless otherwise stated. The
tendons, sheaths or duct formers should be securely fixed such that they will not
be displaced by disturbance from nearby activities or during concreting,

Sheaths and extractable cores should be strong enough to retain their correct
section and profile. Joints should be the minimum practicable and adequately
sealed to prevent ingress of any material until grouting has been completed. Ends
of ducts should be sealed and protected after stressing and grouting. Extractable
cores should not be coated with release agent except with the approval of the
engineer and should be retzined until the concrete has sufficient strength to
prevent damage. Joints in adjacent sheaths should be staggered at a minimum of
300 mm apart. Damage to ducts can occur during conereting, and if the tendon is
to be inserted later, the ducts should be dollied during concreting to ensure a clear
passage for the tendon.
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10.5.5 Tensioning |

Tensioning apparatus and procedures. i

The tensioning apparatus and procedures should be in accordance with:
The tendons should be safely and securely attached to the tensioning device,
Where wires or strands are stressed simultaneously, they should be of
approximately equal length between anchorage points.

#  The tensioning apparatus should gradually impose a controlled force and not
induce dangerous secondary stresses in the tendons, anchorages or concrete.

= The tendon force should be measured by a direct reading load cell or
obtained indirectly from a pressure gauge in the jack. The extension of the
tendon and any movement of the tendon in the gripping device should be
measured. The load cell or pressure gauge should be accurate to within 2%,
The tendon elongation should be measured to within 2% or 2 mm whichever
is less.

s  The tensioning apparatus should have been calibrated within six months.

Pre-tensioning:

The tension should be fully maintained during the period between tensioning and
transfer. The transfer should take place slowly to minimize shock that would
adversely affect bond between the tendons and the concrete, For straight tendons
used in the long-line method, locator plates should be distributed throughout the
length of the casting bed to ensure proper positioning of the tendons during
concreting. To permit transfer of prestressing force to the concrete in each unit
on the long line, each unit should be free to slide in the direction of the line. For
straight tendons in the individual mould system, the moulds should provide the
reaction to the prestressing force without distortion, For deflected tendons, to
minimize frictional loss, the deflectors should allow free movement of the
tendons, The deflector should have a minimum radius of 5 times the tendon
diameter for wire or 10 times the tendon diameter for strand and the total angle of
deflection should not exceed 157

Posi-tensioning: |
The anchorage system comprises of the anchorage itself together with the tendons
and the reinforcement designed to act with the anchorage. The anchorage and the
design of the entire anchorage system should conform to the acceptable
standards. Where proprietary anchorages are used, the anchoring procedure
should strictly follow the manufacturer’s instructions and recommendations.
Split wedge and barrel-type anchors should be of such form that under the loads
imposed during tensioning, the wedges do not reach the limit of their travel
before developing sufficient lateral force to grip the tendons. Allowance for
draw-in of the tendons during anchoring should be in accordance with the
engineer’s instructions and the actual slip occurring for each individual
anchorage should be recorded. After the tensions have been anchored, to avoid
shock, the force exerted by the tensioning apparatus should be decreased
gradually and steadily. The deflector should have a minimum radius of 50 times
the tendon diameter and the total angle of deflection should not exceed 157
Where the radius of the deflector is less than 50 times the tendon diameter or the
total angle of deflection exceeds 15, the loss of strength of the tendon should be
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10.5.6

10.5.7

determined by test and allowed for. Before tensioning, the tendons should be
shown to be free to move in the ducts. During stressing, allowance should be
made for the friction in the jack, unless load cells are used. Measurement of the
tendon extension should not commence until any slack in the tendon has been
taken up. Tensioning should continue until the required tendon extension and/or
load is achieved. The required tension should allow for any draw-in of the
tendon at the non-jacking end. A check on the accuracy of the frictional loss
assumed at the design stage is provided by comparing the measured tendon force
with that calculated from the extension; if the difference is greater than 6%,
corrective measures should be taken with the approval of the engineer. Records
should be kept of all tensioning operations, including the measured exiensions,
pressure gauge or load cell readings and draw-in at each anchorage.

Protection and bond of prestressing tendons

General:

Prestressing tendons must be protected against mechanical damage and corrosion.
Protection against fire damage may also be required. Stressed tendons are
normally required to be bonded to the structure after all the tensioning and
anchoring operations are completed.

Protection and bord of internal tendons:
Cement grout or cement sand grout may be employed to protect and bond internal
tendons to the structure.

Protection and bond of external tendons:

External tendons should generally be protected against mechanical damage and
corrosion by an encasement of dense concrete or dense moriar of adequate
thickness. Consideration should be given to the differential movements that may
arise between the structure and the applied protection. If the applied protection is
concrete or mortar and there is the possibility of undesirable cracking, a primary
corrosion protection that will not be impaired by the differential movements
should be used. Where the external tendons are required to be bonded to the
structure, the concrete encasement should be suitably reinforced and tied to the
structure.

Grouting

(Feneral:

The main objectives of grouting ducts in post-tensioned concrete members are:

s toprevent corrosion of the tendons; and

s toallow effective transfer of bond stresses.

To meet the first objective, the grout should be alkaline and dense and should
cover the tendons. It also should not contain any deleterious materials. To meet
the second objective, the grout should completely fill all voids in the ducts and
when hardened should have the required bond strength to allow development of
effective bond between the tendons and the sides of the ducts.
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Duet design and construction:

Sudden changes in the diameter or alignment of ducts should be avoided. Vents
should be provided at crests in the duct profile, at any major changes in the
section of the duct, and elsewhere if required. Vents should be provided at high
points if the difference in level between them and low points is greater than 0.3
m. Vents should also be provided at anchorages. All vents should be closable.
Vents to be used as entry points should be threaded to permit the use of a screwed
connector from the grout pump. Vents and injection connections to the ducts
should be secure and tight. They should be able to withstand disturbance before
concreting and the pressure generated during grouting. Lined ducts should be
kept dry before grouting to prevent cormrosion of the tendons or having excess
water in the grout; it may be necessary to blow dry oil-free air through a lined
duct occasionally to prevent condensation if it is left ungrouted for a considerable
time. Unlined ducts may have to be wetted before grouting to prevent absorption
of water from the grout by the surrounding concrete; it may be preferable to flush
the ducts using clean water with compressed air. Vertical ducts should be sealed
at all times before grouting to prevent ingress of rain and debris.

Properties of grout:

The grout should have high fluidity (same as flowability} and high cohesiveness
when plastic and low shrinkage and adequate strength when hardened. The
fluidity may be assessed using the immersion or the cone test methods set out in
the acceptable standards. The cohesiveness is a measure of the resistance to
segregation, bleeding and sedimentation. Cohesiveness may be increased by
reducing the water/cementitious ratio, adding pulverized fuel ash and/or a
viscosity modifying admixture. The 100 mm cube strength of the grout should
not be less than 27 N/mm® at 28 days,

Composition of groul:

The grout should be composed of ordinary Portland cement and water but may
also contain sand, filler and admixtures. MNormally, sand is included only in
grouts to be placed in ducts with a diameter of more than 150 mm. Pulverized
fuel ash may also be added as filler if considered suitable. Although pulverized
fuel ash is often regarded just as filler in the grout, it actually also functions as a
supplementary cementitious material and improves the cohesiveness of the grout
Plasticizing and viscosity modifying admixtures may be added to improve the
fluidity and cohesiveness of the grout. However, the use of gas generating
admixtures needs very careful consideration. The generation of an excessive
amount of gas in the grout could substantially weaken the grout and therefore if
the gas generation is not properly controlled, the grout could be seriously
damaged. The author has throughout the years seen quite a number of failure
cases due to improper use of gas generating admixtures, Extreme care should be
taken while using any gas generating admixture and trial mixing with different
dosages of the admixture added to the grout should be carried out to evaluate the
possible effects of over-dosage before use.

Batching and mixing of grout:

The water/cement ratio should not exceed 0.44. For a neat cement grout, the
optimum water/cement ratio is probably around 0.40. With a suitable plasticizing
admixture added, the water/cement ratio may be reduced to 0.35. The quantity of

133

e




sand or filler used should not excesd 30% of the mass of the cement. The grout i
should be mixed in a machine capable of producing a homogeneous colloidal i
grout and keeping the grout in slow continuous agitation until it is ready to be

pumped into the ducts. Water should be added to the mixer first, followed by the ,
cement. When these two materials are thoroughly mixed, sand or filler may be £ 1
added. The minimum time of mixing will depend upon the type of mixer and the |
manufacturer’'s recommendations should be followed. Generally, the minimum L 4
mixing time is around 0.5 to 2.0 minutes. Grout mixing should not normally be

continued for more than 4 minutes. Where admixtures are used, the !
manufacturer’'s recommendations should be followed. There is, however, the ;
major difficulty of exercising proper quality control. Grout batching and mixing i
is usually carried out on site using a mini grout mixer. The batching accuracy |
cannot be compared to modern computer controlled batching plants that we are |
using to produce ready mixed concrete. Hence, the quality control of grout i
production is generally not as good as that of ready mixed concrete production. |
Very close site supervision is also needed. During grouting, the workers are
usually pressed for timely completion of the works and under such situation the
quality of works may no longer be the first priority.

Grrouting procedure: |
The grouting procedure should be in accordance with the acceptable standards. |

Some other general recommendations.
The Concrete Society Technical Report No.d47: Durable Bonded Post-tensioned |
Concrete Bridges has made the following recommendations: :
s Ducts and vents to be pressure tested. |
= Vents to be positioned at low points, high points and beyond high points in

the direction of grout flow.
o  Tighter grout specification to be provided covering fluidity, bleeding,

sedimentation, volume change, strength and sieve tests.
=  Use of a plasticizer in the grout.
Additional grout testing. |
»  Requirements for experience and training of operatives and supervisors. =
In Hong Kong, full-scale grout trials are not normally required although grout ;
trials are specified in the Civil Engineering Department General Specifications. j
The details are left to the engineer. The current practice could continue and full- |
scale trials are specified only if considered necessary, for example in eritical :
structures, to demonstrate there can be adequate protection to the tendons. The .
use of electrically non-conductive ducts, which can help to mitigate the effects of
de-icing salts, has been recommended in the UK. Currently in Hong Kong, both
steel and HDPE ducts are used and allowed. MNevertheless, in Hong Kong, with
much of the infrastructure either over seawater or near to the coast, there could be
a supply of salt from the sea and in the air. The electrically non-conductive duct,
together with the concrete cover and grout, will provide a multi-layer protection.
This should be considered and reviewed with particular reference to any data and b4
corrosion problems of prestressing ducts in Hong Kong. Designed grouts are not 5
eommon in Hong Kong, where cement grout is invariably used. Again the use of
designed grouts should be considered and reviewed with particular reference to
any data and problems associated with cement grouting in Hong Kong.
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11

11.1

11.2

11.3

QUALITY ASSURANCE AND QUALITY CONTROL

Scope

The scope covers the necessary control measures for the design and construction
of conerete structures, which should comprise of essential actions and decisions
in accordance with approval procedures, as well as checks to be made, to ensure
that all specified requirements are met.

Quality assurance

A quality assurance system should be established to ensure that the various
control measures are enforced and that the necessary corrective actions are made
until all specified requirements are met. The quality assurance system should
include a check list of all verifications to be made at different stages of design
and construction, proper documentation of the verification results, identification
of necessary corrective actions, approval procedures and records, and most
important of all, a clear distinetion of the roles and responsibilities of all parties
involved in the design and construction project.

Though some people may disagree, the author is of the view that for a quality
assurance scheme to really work in this commercial world, there needs incentive
for good quality and penalty for bad quality; otherwise everything will be empty
talk and the whole scheme will become just for the purpose of locking for a
scapegoat when things go wrong., There is in reality a cost to pay for better
quality. Without regsonable remuneration, it is simply unrealistic to expect high
quality production. The working culture is also important. If the workers
involved in the project can have their contributions better recognized by the
society, the workers will feel proud of what they are working on and strive to
produce a high quality product.

Classification of the control measures

There are three basic control systems: (1) internal control; (2) external control;
and (3) conformity control.

Internal control.

Internal control is carried out by the designer, the contractor, the supplier or any
party responsible for part of the works, each within his'her specific scope. It is
exercised either on his'her own “internal™ initiative or according to “external”
requirements stipulated by the client or by an independent orgamzation.

External control:

External control is carried out by an independent organization charged with this
task by the client or by the relevant authority. External control may consist of the
verification of internal control measures that are required by extemnal
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requirements or additional checking procedures independent of the internal
control system.

Conformity controd:

Conformity control is exercised to verify that a particular service or production
function has been carried out in conformity with the specification previously
established. Conformity control is generally part of external control.

11.4 Verification systems

The frequency and intensity of control depend on the chances and consequences
of non-compliance with the specification requirements in the various stages of
design and construction, Different control measures are combined in a
verification system to ensure the effectiveness of the control system.

11.5 Control of each stage of design and construction process

According to the purpose and time of the control, the following stages may be
distinguished:

»  control of the design;

=  control of the production and construction; and

= control of the completed structure.

11.6 Control of design |

Control of design shall conform to the statutory and administration procedures. It
should be noted that despite the approval given by the relevant authority, it is
ultimately the responsibility of the designer to ensure that the design assumptions
are correct, the design calculations contain no mistakes, the computer programs
used are suitable for the type of structure being designed and have been
thoroughly verified, the drawings are accurate presented, the specifications are
proper and the completed structure will perform reasonably well to meet with the
requirements of Section 2.1 of the code. It is up to the designer to arrange
internal control to ensure that the design is of an acceptable standard.

11.7 Control of production and construction
Objectives!
The control of production and construction comprises of all measures (e.g.
inspections and tests) necessary to maintain and regulate the quality of materials
and standard of the workmanship in conformity with the specified requirements.
Production of concrefe;

Structural concrete for all works should be obtained from concrete suppliers whoe
are certified under the Quality Scheme for the Production and Supply of Concrete
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(QSPSC), except for projects located at remote areas or where the volume of
concrete involved is less than 50 m”. Even for these “exceptional” projects, the
structural concrete should be obtained from a supplier operating an approved
guality system.

ftems and elemenis of production and construction:

The items which need production and construction control are summarized in

Table 11.1 of the code. The production and construction control should include:

o nitial tests and checking procedures;

e tests and checks in the course of construction; and

e final tests and checks.

Different verification systems may be appropriate for:

e a continuous production: the aim is to achieve a uniform gquality of the
products in the long term; and

*  asingle product: the aim is to comply with the specification requirements.

For a single product, it may be appropriate to concentrate on precautionary

measures, in particular on initial tests and on checks during construction.

Initial rests:

Initial tests should be camied out before the start of the construction in order to
check that the materials and equipment to be used are of the required standards
and that the construction methods to be used are feasible and have no detrimental
effects on the performance of the completed structure.

Checks during construction:

The dimensions and the properties of the materials and components built into the
structure should be subjected to verification during construction. The results of
the verification measurements/tests should be properly filed for assessment by all
parties concerned. For ready mixed concrete, the delivery note should be in
accordance with QSPSC. For reinforcing steel, the delivery ticket should include
information on the origin and the identity of the steel delivered and the steel
should have labels and rolling marks for identification.

Conformity controls:

Conformity control is the combination of actions and decisions to be taken in
order to verify that all the requirements, criteria and conditions laid down in the
specifications have been complied with, This implies completing relevant
documentation and granting approval for acceptance and use in the construction.
For the conformity control of concrete, the sampling frequencies and acceptance
criteria set out in Clause 10.3.4 of the code apply. For the conformity control of
steel, Clause 3.2.1 of the code applies.

Conirol and maintenance of the completed structure:

Access for control and maintenance of the completed structure should be
provided, This may, in actual practice, be rather difficult, especially for the
foundation or any parts of the structure that are buried underground or
permanently covered up. Where access cannot be provided, considerations
should be given to the possibility of installing sensors to monitor the corrosion,
deformation and vibration of the structure.
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12.1

PRESTRESSED CONCRETE

Basis of design

In the design of prestressed concrete structures, it is difficult to predict whether
the ultimate limit state or the serviceability limit state will be the cntical one
because the serviceability limit state requirements for prestressed concrete
structures are generally more stringent than those for ordinary reinforced concrete
structures. Hence, the usual practice in the design of reinforced concrete
structures of first designing the structure in accordance with the ultimate limit
state requirements and then checking whether the structure so designed satisfies
the serviceability limit state requirements based on the assumption that the
ultimate limit state will be the critical one may not be applicable to prestressed
concrete structures, In the design of prestressed concrete structures, it is quite
often that the serviceability limit state is the more critical one. In fact, 1t may
even be the stress condition at the transfer stage that governs the design.

Alternative design methods based on more realistic design assumptions than
those made in the code may be adopted if considered as more appropriate,
especially for the design of uncommon structures with special features.

In the assessment of the likely behaviour of a prestressed concrete structure or
member, the amount of flexural tensile stresses allowed under service load is
dependent on the serviceability classification of the structure or member. There
are three serviceability classes:

e (Class |I: no flexural tensile stresses,
s Class2: flexural tensile stresses allowed but no visible cracking.

»  (lass 3: flexural tensile stresses allowed but subjected to a maximum
surface crack width of 0.1 mm for members in exposure
conditions 3 or 4 and a maximum surface crack width of 0.2 mm
for all other members.

The definition for Class 2 given in Clause 12.1 of the code is rather vague and
amhbiguous because it is not known what is meant by “no wvisible cracking”.
Whether a crack is visible or not is dependent not only on the crack width, but
also on the lighting condition and the eyesight of the observer. In fact, Clause
12.3.4 of the code redefines Class 2 as “flexural tensile stresses allowed but the
design tensile stresses should not exceed for pre-tensioned members, the design
flexural tensile strength of the concrete and for post-tensioned members, 0.8 of
the design flexural tensile strength of the concrete™. Hence, the real meaning of
“no visible cracking™ is “no potential cracking”. Readers should bear this in
mind and always refer to Clause 12,34 for serviceability classification.

Comparing the above crack width limitations for Class 3 prestressed concrete
structures with those stipulated for prestressed members with bonded tendons in
Table 7.1, it can be seen that the above limitations are more stringent than those
stipulated in Table 7.1. Based on the spirit that if there is any inconsistency in
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12.2

requirements, the more stringent requirement should apply, the crack width
limitations set in this chapter should override those given in Chapter 7,

Desigm loads:

The design loads to be used for the ultimate limit states are those given in Clause
2.3.2 of the code, i.e. are to be taken as the characteristic loads multiplied by the
respective load safety factors depending on the load combination being
considered. On the other hand, the design loads to be used for the serviceability
limit states are to be taken as the characteristic loads. However, Sections 7.1 and
7.2 of the code suggest that for prestressed members with bonded tendons, the
frequent load combination (ie. the expected high load under normal condition)
may be used to check crack width limits and the quasi-permanent load
combination (i.e. the expected average load under normal condition) may be used
to check deflection limits. Again, based on the spirit that if there is any
inconsistency in requirements, the more stringent requirement should apply. the
characteristic loads as required in this chapter should be used for the
serviceability limit states.

Design strengths:

The minimum grades of concrete for post-tensioning and pre-tensioning are C35
and C40, respectively. The concrete strength at transfer should be not less than
25 N/mm’. The specified characteristic strengths of steel reinforcement and
prestressing tendons are given in Clause 3.2 and Clause 3.3, respectively, of the
code,

Structores and structural frames

Analysis of structures:

Complete structures and complete structural frames may be analysed using the
performance based approach in accordance with Clause 2.6.3 or following the
recommendations in Chapter § of the code. Considerations should be given to
the effects of the construction sequence. Individual members may be analysed as
per Section 12.3 of the code.

Relative stiffness:
The relative stiffness should generally be based on the concrete section as
described in Clause 3.1.2 of the code.

Redistribution of momenis:
For concrete of strength grade not exceeding C70, redistribution of moments may
be applied, provided the following conditions are satisfied:

Condition 1. Equilibrium between internal and external forces 1s maintained.

Condition 2. The reduction made to the maximum design moment derived from
elastic analysis does not exceed 20%.

Condition 3.  Where the design moment is reduced at a section, the neutral axis
depth x should be checked to see that it is not greater than the
values specified in Equations 6.4, 6.5 and 6.6.
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123 Beams

12.3.1 General

The geometric properties of prestressed conerete beams are defined and limited in
the same ways as for reinforced concrete beams in Clause 6.1.2.1 of the code,
except that the overall depth of the member should be used instead of the
effective depth.

12.3.2 Slender beams

Clause 6.1.2.1 should be referred to regarding the slenderness limits for avoiding
lateral instability. Particular attention should be paid to possible instability of the
beams during construction as well as when the beams are in their final positions.

12.3.3 Continuous beams

Continuous beams may be analysed using an elastic analysis method with the
following arrangements of loads considered: (1) two adjacent spans loaded with
maximum design loads and all other spans loaded with minimum design loads;
(2) alternate spans loaded with maximum design loads and all other spans loaded
with minimum design loads; and (3) all spans loaded with maximum design
loads. Redistribution of the moments obtained by elastic analysis may then be
carried out as per Clause 12.2.3.

12.3.4 Serviceability limit state for beams

Sectrion analysis:

For analysis of sections at serviceability limit state, it may be assumed that plane
sections remain plane and that the materials are elastic and linear. In general,
only the load arrangements at the following two stages: (1) immediately after the
transfer of prestress, and (2) after all losses of prestress have occurred, need o be
considered. For such analysis, the effects of dead and imposed loads on the
forces in the tendons may be ignored.

Compressive siresses in concrete.
In flexure, the compressive stress should not exceed 0.33 f except within the

range of support moments in eontinuous beams and other statically indeterminate
structures where the compressive stress may be increased to 0.4 7, . In direct

compression, the compressive stress should not exceed 0.25 7, .

Flexural tensile stresses in concrefe;

At mortar or conerete joints of precast units, no tension should be allowed.
Elsewhere, the tensile stresses should not exceed the following limits for different
classes of prestressed concrete structures/members:
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¢ Class I: No flexural tensile stress.

# Class 2: The design flexural tensile stress should not exceed for pre-
tensioned members, the design flexural tensile strength of the
concrete and for post-tensioned members, 0.8 of the design
flexural tensile strength of the concrete (the design flexural tensile

strength of concrete may be taken as 0.45 /7, ).

¢ (Class 3; Although cracking 15 allowed, it 15 assumed that the concrete
section is uncracked and that design hypothetical tensile stresses
exist at the limiting crack widths {the design hypothetical tensile
stresses are given in Table 12.2 for depth = 400 mm and are to be
modified by the coefficients in Table 12.3 for depth = 400 mm).
When additional reinforcement is contained within the tension
zone, and is positioned close to the tension faces of the concrete,
these modified design hypothetical tensile stresses may  be
increased by an amount that is in proportion to the cross-sectional
area of the additional reinforcement (expressed as a percentage of
the cross-sectional area of the concrete in the tension zone),
depending on which group the member is in (see Table 12.2 for
the definitions of the different groups). For 1 % of additional
reinforcement, the stresses may be increased bg 4.0 Nimm® for
members in groups a) and b), and by 3.0 N/mm” for members in
group ¢). For other percentages of additional reinforcement, the
stresses may be increased in proportion up to a limit of 0.25 7.
When a significant proportion of the design service load is
transitory so that the whole section is in compression under the
frequent load combination (dead load plus frequently occurring
imposed load; see Section 7.2 of this handbook and note that this
load combination of dead load plus frequently occurmng imposed
load is not a permanent load), the foregoing hypothetical tensile
stresses may be exceeded under the full service loads (the full
characteristic loads).

12.3.5 Stress limitations at transfer for beams

Compressive stresses in concrefe:
The compressive stresses should not exceed 0.5 f, at the extreme fibre nor 0.4 £

for near uniform distributions of prestress, where 7, is the concrete strength at
transfer.

Flexural tensile siresses In concrete:
The tensile stresses should not exceed the following limits:

e Class 1: 1.0 N/mm®.
e Class2: for pre-tensioned members 0457, and for post-tensioned
members 0.36,/7, .

o (Class 3; same as for Class 2; if the tensile stress limit is exceeded, the
section should be considered as cracked.
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12.3.6

12.3.7

Deflection of beams

There are no deemed-to-satisfy rules. When it is considered necessary to
calculate the deflection, the following methods may be used:

« (lass 1: Elastic analysis based on the concrete section.
e (lass 2: FElastic analysis based on the concrete section,

s (Class 3: If the frequent load combination results in stresses nol greater than
those in Table 12.1, an elastic analysis based on the concrete
section may be used. Otherwise, rigorous analysis based on the
moment-curvature relationship for cracked section should be
carried out,

Ultimate limit state for beams in flexure

Section analysis’
The following assumptions should be made:

#  Plane sections remain plane.

#  The design stresses in the concrete in compression are either derived from
the stress-strain curve given in Figure 3.8 of the code with ¥, = 1.5 or taken
as 0.45 f, over a depth (from the compression face) equal to 0.9 times the
depth of the compression zone,

#  The tensile strength of concrete is negligible.

o  The design stresses in any additional reinforcement and in bonded tendons,
whether initially tensioned or untensioned, are derived from the appropriate
stress-strain curves as given in Figure 3.9 and Figure 3.10, respectively.

o  The design stress in unbonded tendons is limited to the values given by
Equation 12.2 unless more rigorous analysis justifies a higher value,

Design formulae;
The resistance moment M, of a beam containing bonded or unbonded tendons,

all of which in the tension zone, may be obtained as:
M, = fapdpld -d,)

For a rectangular beam or a flanged beam with flange thickness not less than
0.9x, d, may be taken as 0.45x, For bonded tendons, fy, and x may be obtained
from Table 12.4 of the code. For unbonded tendons, fu and x may be obtained
from Equation 12.2 and Equation 12.3 respectively of the code. Table 12.4,
Equation 12.2 and Equation 12.3 of the code are the same as those given in
BSE110: Part 1: 1997, except that the design strength of the tendons is taken as
0.87 fou instead of 0.95 f, as in BS8110.

Allowance for additional reinforcement in the tension zone:
The additional reinforcement in the tension zone may be taken as equivalent to
prestressing tendons with an area of Agfy/fu.
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12.3.8 Design shear resistance of beams

Maximum design shear sivess!
The maximum design shear stress should be limited to 0.8.[f, or 7.0 N/mm’,
whichever is the smaller.

Calculation of design shear resistance:

The design ultimate shear resistance of the concrete alone F; should be separately
considered for sections uncracked in flexure and sections cracked in flexure, as
different formulae are required for evaluation, For sections with inclined
tendons, the effects of the inclination of the tendons should be incorporated. If
necessary, shear reinforcement should be provided.

Sections uncracked in flexure;
The design ultimate shear resistance of a section uncracked in flexure Vy
corresponds 1o the occurrence of a maximum design principal tensile stress at the

centroidal axis of the section of f, = 0.24 .'."E . In the caleulation of Vy, the
design value of the prestress at the centroidal axis should be taken as 0.8 7, in
which £, is the compressive siress at the centroidal axis due to prestress, taken
as positive. Based on these design values, the value of V. 15 determined as:

—_—
Vie = 0670011, +0.81, 1,

Typical values of Vy, so determined for concrete of grade C30 to C60 and 1
ranging from 2 to 14 M/mm® are tabulated in Table 12.5 of the code.

Secrions cracked in flexure:
The design ultimate shear resistance of a section cracked in flexure V. may be
calculated using the following equation:

1
V, = (1 —ﬂ.SSf;" ':n.-i.!:n,,.azi‘-.L.Mﬂ£ or 0.1./f bd,whichever is the greater
\ o ) M

where v, is the design concrete shear stress obtained from Table 6.3 of the code
with 4, replaced by (A, +4,), M, is the moment necessary to produce zero

stress in the concrete at the extreme tension fibre calculated with only 0.8 of T.hﬂ
compressive stress due to prestress taken into account, and M is the design
moment due to the loads applied at ultimate limit state,

Shear reinforcement.
The amount of shear reinforeement to be provided is given as follows:
Where V< F, throughout the beam:
no requirement for structural elements of minor importance;
minimum links for structural elements of importance.
Where 0.5V, < ' < V. + ¥, in which V;, = vb,d (see Clause 6.1.2 of the code):
minimum links to be provided.
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Where V. + V. < |-
links to be provided such that 4, = s (V" -F,)0.87/, 4, in which 4, is the
depth from the extreme compression fibre either to the longitudinal bars or
to the centroid of the tendons, whichever is the greater.
At both corners in the tensile zone, a link should pass round a longitudinal bar, a
tendon, or a group of tendons having a diameter not less than the link diameter.
A link should extend as close to the tension and compression faces as possible,
with due regard to cover. The spacing of links should not exceed 0.754, or 4
times the web thickness. If V exceeds 1.8V, the maximum spacing should be
reduced to 0.54, .

12.3.9 Torsion

Where torsional resistance is necessary for equilibrium or significant torsional
stresses may occur, it 1s necessary to calculate the torsional moment and stresses
that could be developed and provide torsional reinforcement accordingly. The
method adopted for reinforced conerete beams may generally be used.

12.4 Slabs

The recommendations given in Clause 12.3 for beams apply also to slabs, except
that shear reinforcement needs not be provided if Fis less than .

The design of prestressed flat slabs is outside the scope of the code and should be
carried out in accordance with appropriate specialist literature.

12.5 Columns

For columns in framed structures, where the mean design stress in the concrete
section imposed by the tendons is less than 2.0 N/mm’, these may be analysed as
ordinary reinforced concrete columns.

126  Tension members

The tension capacity should be evaluated based on the design strength of the
prestressing tendons (0.87f.) and the actual tensile stresses that could be
developed in the additional reinforcement (subjected to a maximum value equal
to the design strength of the reinforcement, ie. 0.87f) when the tendons reach
their design strength. Strain compatibility should be used 1o evaluate the tensile
stresses in the additional reinforcement. The reason for determining the tensile
stresses in the additional reinforcement in this way is that whilst the additional
reinforcement should have sufficient ductility to maintain its design strength after
vielding until the tendons reach their design strength, the tendons may not have
sufficient ductility to maintain their design strength, if they reach their design
strength first, until the additional reinforcement also reaches its design strength.
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12.7

12.8

12.8.1

12.8.2

12.8.3

Prestressing

The jacking force should not normally exceed 75% of the charactleristic strength
of the tendon but may be increased to 80% provided additional consideration is
given to safety and to the load-extension characteristics of the tendon. At
transfer, the initial prestress should not normally exceed 70% of the characteristic
strength of the tendon and in no case should it exceed 75%.

Loss of prestress, other than friction losses

General

In the calculation of the design forces in the tendons at various stages of
construction, allowance should be made to the possible losses of prestressing
foreces. Other than friction, losses of prestress may arise from:

o relaxation of the tendon steel;

o elastic deformation and subsequent shrinkage and creep of the concrete;

e draw-in of tendons at anchorage during anchoring; and

e other causes in special circumstances.

Relaxation of steel

The long-term loss of prestress due to relaxation of stee] may be obtained from
the 1000 h relaxation value of the steel by the extrapolation method of
multiplying the 1000 h relaxation value with an appropriate relaxation factor.
Table 12.6 gives the relaxation factors to be used in the cases of pre-tensioning
and post-tensioning. The 1000 h relaxation value should be taken from the
manufacturer’s appropriate certificate. In the absence of such certificate, the
1000 h relaxation value should be taken as the maximum value stated in the
acceptable standards for the product. In special cases, such as with tendons at
high temperatures or when subjected to large lateral loads, abnormal relaxation
losses may occur. Specialist literature should be consulted in these cases.

Elastic deformation of concrete

The immediate loss of prestress due to elastic deformation of the concrete at
transfer should be determined using the elastic modulus of the concrete at the
time of transfer. In the case of pre-tensioning, the loss of prestress should be
caleulated on a modular ratio basis using the stress in the adjacent concrete. In
the case of post-tensioning if the tendons are not stressed simultaneously, a
progressive loss ocours. In such case, the average loss may be caleulated on the
basis of half the product of the modular ratio and the siress in the concrete
adjacent to the tendons averaged along their length or alternatively the loss of
prestress of each tendon may be exactly computed on the basis of the sequence of
tensioning.
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12.84

12.8.5

12.8.6

12.9

12.9.1

12.9.2

12.9.3

Shrinkage of concrete

The loss of prestress due to shrinkage of concrete may be obtained as the product
of the shrinkage per unit length of the concrete and the elastic modulus of the
tendons. It should be noted that the shrinkage of concrete starts immediately
after the curing stops and at the time of tensioning, a significant portion of the
total shrinkage might have already taken place.

Creep of concrete

The loss of prestress due to creep of concrete may be obtained as the product of
the creep per unit length of the concrete adjacent to the tendons and the elastic
maddulus of the tendons.

Draw-in during anchorage

In post-tensioning, allowance should be made for any movement of the tendons at
the anchorage when the tensioning force is transferred from the tensioning
equipment to the anchorage. Such draw-in loss is particularly important in short
members and the allowance made in design should be checked on site.

Loss of prestress due to friction

reneral

In post-tensioning, the tendons will move relative to the surrounding duct during
the tensioning operation. The friction arising from such relative movement will
cause a reduction in the prestressing force as the distance from the jack increases,
In addition, a certain amount of friction will be developed in the jack itself and in
the anchorage through which the tendon passes. The variation in force along the
length of each tendon should be evaluated so as to determine the tendon forces at
the critical sections considered in design. The resulting extension of each tendon
should also be calculated taking into account the variation in force along the
length of the tendon for later checking on site during the tensioning operation,

Friction in jack and anchorage

The friction in jack and anchorage should be determined by calibration of the
actual jack and the tvpe of anchorage to be used.

Friction in the duct due to unintentional variation from the specified profile

Whether the specified tendon profile is straight or curved, slight unintentional
variations from the specified profile cause additional points of contact between
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12.9.4

the tendon and the sides of the duct and so produce friction. Because of such
friction, the prestressing force F, decreases as the distance from the jacking point
x increases. The rate of change of the prestressing force with the distance from
the jacking point due to such friction is given by:

% - krp

e
where K is the profile coefficient, the value of which is dependent on the type of
duct or sheath employed, the nature and frictional coefficient of its inside surface,
the method of forming it and the degree of vibration employed in placing the
concrete, The value of & should generally be taken as not less than 33= 107 m™
but where strong rigid sheaths or duct formers are used and closely supported so
that they are not displaced during the concreting operation, the value of K may be
taken as 17107 m™, and for greased strands running in plastic sleeves, the value
of K may be taken as 25107 m™,

The above equation is given in a different form from that given in the code
becanse the friction due to unintentional variation from the specified profile
cannot be considered independently from the friction due to curvature of tendons.
The friction due to unintentional variation from the specified profile and the
friction due to curvature of tendons have to be considered at the same time
because one will affect the other.

Friction due to curvature of tendons

The curvature of a tensioned tendon produces radial force acting against the
inside surface of the duct or sheath. Such radial force then produces friction
along the direction of the tendon and thereby causes the prestressing force F, to
decrease as the distance from the jacking point x increases. The rate of change of
the prestressing force with the distance from the jacking point due to such friction
is given by:

aF,

_E-=_H'F|JIIFF,

e

where u is the coefficient of friction and r, is the radius of curvature. The value

of g is dependent on the tvpe and the surface condition of the tendon and the
duct. Typical values of 4 are as follows:

o lightly rusted strand running on unlined concrete duct: 0.55

o lightly rusted strand running on lightly rusted steel duct: 0.30

# lightly rusted strand running on galvanized duct: 0.25

s  bright strand running on galvanized duct: 0.20

o  greased strand running on plastic sleeve: 0.12

Considering the friction due to unintentional variation from the specified profile
and the friction due to curvature of tendons at the same time, i.e. combining the
above equations together, the following equation is obtained:
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In actual practice, since r, varies along the length of the tendon, this equation

has to be solved by numerical integration, starting at the jacking point where x =
Oand P, = P,. One simple way of evaluating the values of F, along the length
of the tendon is to input the profile of the tendon (in the form of the three-
dimensional coordinates of the tendon along its length) into a computer program,
which automatically evaluates the curvature at every point along the length,
calculates the total frictional loss within each short segment of the tendon and
then determines the values of P, along the length of the tendon by step-by-step

integration starting at the jacking point.

12.9.5 Lubricants

If of satisfactory formulation, lubricants may be used to ease the movement of
tendons in the ducts. Lower values for 4 may then be used subject to their being
determined by trial. The criteria of Clause 10.5.3.1 regarding application of
lubricants and subsequent cleansing should then be satisfied if the tendons are
subsequently to be bonded into the structure.

12.10 Transmission lengths in pre-tensioned members

Clause 8.10.2 should be referred to.
12.11 End blocks in post-tensioned members

12.11.1 General ’

In the design of end blocks, considerations should be given to: (a) bursting forces
around individual anchorages; (b) overall equilibrium of the end block; and (c)
spalling of the conerete from the loaded face around anchorages. Only the
bursting forces are dealt with herein. Special literature should be referred to for
consideration of overall equilibrium and spalling of concrete at the loaded face.

12.11.2 Serviceability limit state

At the serviceability limit state, the design bursting force in an individual square
end block loaded by a symmetrically placed square bearing plate may be derived |
from Table 12.7 of the code, which relates the bursting tensile force in each of the £
two principal directions to the half width of loaded area to half width of end |
block ratio. This bursting tensile force should be taken as distributed in a region
extending from 0.2 times the half width of the end bock to 2 times the half width
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of the end block from the loaded face, and resisted by reinforcement in the form
of spirals or closed links, uniformly distributed throughout this region and acting
at a stress of 200 N/mm®. When a large block contains several anchorages, it
should be divided into a series of symmetrically loaded prisms and each prism
treated in the above manner, However, additional transverse reinforcement
should be provided around the group of anchorages to tie the anchorages together
and ensure overall equilibrium of the end block.

Special attention should also be paid to end blocks having a cross-section

different in shape from that of the general cross-section of the beam. In such
case, three-dimensional finite element analysis of the end block may be needed.

12.11.3 Ultimate limit state

In the case of members with bonded tendons, no checking of the design bursting
tensile force at the ultimate limit state is necessary.

In the case of members with unbonded tendons, the design bursting tensile force
at the ultimate limit state should be assessed from Table 12.7 of the code on the

basis of the characteristic tendon force; the reinforcement provided to resist this
force may be assumed to act at a stress of 0.87 £, .

12.12 Considerations affecting design details

12.12.1 General

These considerations are to supplement those given in Section 8.10 of the code.

12.12.2 Limitations on arca of prestressing tendons

The size and number of prestressing tendons provided should be such that
cracking of the concrete would precede ultimate failure of the beam. This is to
avoid sudden failure of the beam without any prior signs of failure,

The above requirement may be considered to be satisfied if the ultimate moment
of resistance exceeds the moment necessary to produce a flexural tensile stress in

the concrete at the extreme tension fibres equal to 0.6,/ 7, .

12.12.3 Cover to prestressing tendons
Bonded tendons:
The nominal cover to be provided should be sufficient to protect the tendons from

corrosion and fire, as per the requirements in Sections 4.2 and 4.3 of the code.
For pre-tensioned tendons, the ends of individual tendons do not normally require
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concrete cover and should preferably be cut off flush with the end of the concrete i
member, For post-tensioned tendons, the equivalent bar size for ducts containing )
a number of strands should be calculated from the total area of the strands nside
the duct and the minimum cover to the outside of the duct should be not less than .
the minimum dimension of the duct cross-section nor less than half the largest | 3
dimension of the duct cross-section. 5

Unbonded tendons:

The cover to the ducts of unbonded tendons should be sufficient to protect the
tendons from corrosion and fire, as per the requirements in Sections 4.2 and 4.3
of the eode. In any case, the nominal cover to the ducts should not be less than
25 mm.

External tendons.

Where external tendons are to be protected by a concrete cover added &
subsequently, the concrete should be of grade at least C40 and the thickness of ; i
the cover should be not less than that required for tendons inside the structural :
concrete under similar conditions. The concrete cover should be anchored by
reinforcement to the prestressed member and should be checked for crack control.

12.12.4 Spacing of prestressing tendons and ducts

There are no additional requirements apart from those given in Clause 8.10.1 of
the code.

12.12.5 Longitudinal reinforcement in prestressed concrete beams

Longitudinal reinforcement may be added in prestressed concrete members to
increase the strength of sections, to tic up the shear reinforcement or links, or to
contro] cracking.

12.12.6 Links in prestressed concrete beams

Links may be provided in prestressed concrete members to act as shear and
torsional reinforcement, to resist the bursting tensile forces in the end blocks of
post-tensioned members, or to resisting the bursting forces arising from the
anchorage bond stresses in the transmission length of pre-tensioned tendons.

12.12.7 Impact loading
Where a prestressed concrete beam is required to resist impact loading, it should
be reinforced with longitudinal reinforcement and closed links, preferably of mild

steel. Other methods of design and detailing may be uwsed provided it can be
shown that the beam can develop the required ductility.
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13 LOAD TESTS OF STRUCTURES OR PARTS OF
STRUCTURES

13.1 eneral

Only the testing of whole structures, finished parts of a structure or structural
components during the construction phase is covered. Model or prototype testing
and appraisal of structure after a certain period of service are not included.

The need for load tests may arise during construction under the following

circumstances:

+  where the compliance procedures indicate that the materials used may be
sub-standard or defective;

*  where supervision and inspection procedures indicate poor workmanship on
site, producing construction outside the specification and design;

e  where there are visible defects, particularly at critical sections or in sensitive
structural members;

¢  where a check is required on the quality of the construction.

It should be recognized that loading a structure to its design ultimate loads may
impair its subsequent performance in service, withoul necessarily giving a true
measure of its load carrving capacity. While such overload tests may sometimes
be justified, it is generally recommended that the structure should be loaded to a
level appropriate to the serviceability limit states, During the tests, sufficient
measurements should be taken to calibrate the original design in predicting the
ultimate strength and long term performance of the structure.

13.2  Test loads

The total load should be not less than 1.0 times the characteristic dead load plus
1.0 times the characteristic imposed load, and should normally be the greater of
{a) the sum of the characteristic dead lead and 1.25 times the characteristic
imposed load or (b) 1.125 times the sum of the characteristic dead and imposed

loads,

Test loads should be applied and removed incrementally with a 5 min interval
allowed between load increments for recording deformation measurements. At
least two cycles of loading and unloading should be applied, with a minimum of
1 h between the two cycles. Consideration may also be given to a third
application of load, which is left in position for 24 h.

13,3 Assessment of results

The main objective in assessing the results is to compare the measured
performance with that expected on the basis of the design calculations. This
means that due allowance should be made for any differences in material strength
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13.4

or stress or other characteristics in the as-built structure compared with that
assumed in the design. Steps should be taken to determine these material
parameters as accurately as possible using standard control test results and
tensioning records etc. Due allowance should also be made for changes in
environmental conditions that have occurred during the test.

Test criteria

In assessing test data, the following eriteria should be considered:

[ ]

The initial deflection and cracking should be in accordance with the design
requirements.

Where significant deflections have occurred under the test loads, the
percentage recovery after the second loading cycle should be at least equal
to that for the first loading cycle and should be at least 75% for reinforced
concrete and Class 3 prestressed concrete structures and 85% lor Class 1 and
Class 2 prestressed concrete structures.

The structure should be examined for unexpected defects, which should then
be evaluated by recalculation. Comparison between measured and predicted
results are important, Where there are significant differences. the first step
should be to check that the structure is not camying the load in a way
different from that assumed in the design (due for example to arching action
or to the influence of non-structural elements). Material properties may
need to be checked as well.

Special tests

Special tests that may be required should be agreed in advance by all the parties
concermed.
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